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ABSTRACT
Armendariz Briones, Rafael Ricardo Ph.D., Purdue University, May 2018. Bridge
Load Rating: A General Procedure for Load Rating Bridges without Plans. Major
Professor: Mark D. Bowman.
The inspection and evaluation of bridges is critical to ensure their safety and
better serve the citizens of the nation. Part of this evaluation includes bridge load
rating. Bridge load rating, which is a measure of the safe load capacity of the bridge, is
typically conducted by using critical information that is available on the bridge plans.
For existing, poorly-documented bridges the load rating process becomes challenging
to complete because of the missing bridge information. Currently, a general prescribed
methodology for load rating such bridges is not available. Consequently, there is a
need for a standardized methodology to load rate and evaluate bridges that do not
have plans. A general procedure for load rating bridges that do not have plans was
developed and it was concluded that it requires four critical parts. These parts are
bridge characterization, bridge database, ﬁeld survey and inspection, and bridge load
rating. The proposed procedure was then evaluated on two bridges in Indiana that
do not have plans as a proof of concept. As a result, it was concluded that load rating
of bridges without plans can be completed using the general procedure. Finally, this
research study delivers a user-friendly ﬂowchart describing the methodology for load
rating bridges without plans.

1

1. PROBLEM DEFINITION
1.1

Introduction and Problem Statement
The inspection and evaluation of the inventory of bridges is critical to ensure their

safety and better serve the citizens. Bridge inspections are conducted according to
the federally-prescribed two year time interval. Besides bridge inspections, part of
this evaluation includes load rating of the bridges so that the safe live-load capacity
can be properly determined.
The load rating is typically performed by using critical information available on the
bridge plans. This includes information about the span lengths, the sizes and dimensions of the bridge members, the material strength properties, the type of materials
used to construct the bridge, and other pertinent information, e.g., reinforcement and
weld details. This information is used to perform a structural analysis to determine
the stresses and forces caused by legal loads. These stresses and forces are then compared with the strength limit states of the bridge to determine the corresponding load
rating. Decisions on the need to post a particular bridge can then be made if the
rating factor is determined to be less than unity.
While the load rating process can be implemented for many of the existing bridges,
there are some bridges that cannot be easily evaluated because they are poorlydocumented or do not have plans. Initial estimates provided by the Indiana Department of Transportation (INDOT) indicated that there are 53 bridges in the state
inventory of bridges that fall into this category. Furthermore, if bridges in the counties and cities are included, then there would be hundreds of bridges that cannot be
readily load rated and evaluated. Consequently, a standardized procedure is needed
to load rate and evaluate bridges that do not have bridge plans.
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1.2

Research Hypothesis
The hypothesis is that the load rating of bridges without plans can be completed

using a standardized methodology that involves the identiﬁcation of critical bridge
information, collection of historical and representative bridge data, and ﬁeld measurements along with complementary structural analysis and load testing.

1.3

Research Objective
The objective of this research study was to develop a general procedure for load

rating existing, poorly-documented bridges. The general procedure for the load rating of a structure that does not have plans was developed in accordance with the
AASHTO’s Manual for Bridge Evaluation (MBE) [1].

1.4

Research Methodology
The research objective was attained by following four primary tasks. The ﬁrst task

involved a literature review to understand the load rating process. Once familiarized
with the load rating concepts, the review focused on available methods for load rating
bridges without plans. A summary of the relevant literature is shown in Chapter 2.
The second task was the study of the techniques, speciﬁcations, and processes
involved in the load rating of an existing bridge selected from the inventory of Indiana
state bridges. The selected bridge was an open-spandrel reinforced concrete arch
bridge and the details of its evaluation are shown in Chapter 3.
In the third task, the literature review of Chapter 2 and the techniques, speciﬁcations, and processes studied in Chapter 3, helped formulate the general procedure.
The third task, described in Chapter 4, details the proposed general procedure and
presents the methodology for load rating bridges without plans.
The fourth task is the application of the developed methodology on existing
bridges without plans. In this fashion, the proposed load rating procedure was eval-
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uated and improvements were incorporated in the procedure being developed. Two
types of bridge structures were considered. They were a corrugated steel arch bridge
and an earthen-ﬁlled reinforced concrete arch bridge. The details of the evaluation
of these structures using the proposed methodology for load rating bridges without
plans is presented in Chapter 5.

1.5

Research Impact
The proposed general procedure can be adopted so that critical information needed

for the analysis and evaluation of bridges without plans can be collected in an organized and rational manner. It will be beneﬁcial to have a systematic approach to
load rate structures that otherwise could not be easily assessed.
The methodology adopted for performing the load rating of bridges without plans
or other critical information could potentially lead to signiﬁcant cost savings. If the
load rating results in an operating rating factor larger than unity, then there is no
need to post the bridge. This allows a bridge rehabilitation or replacement to be
scheduled in a more timely fashion if needed. As a result, this could prevent possible
detours that result in delays and inconvenience to the traveling public. Alternatively,
it is also possible that the proposed load rating procedure could lead to necessary
bridge posting or closing, however, the end result would be improved safety for the
public.

4

2. LITERATURE REVIEW
2.1

Chapter Summary
This chapter introduces the concepts of bridge load rating and its process. The

available methods for the load rating of bridges are also described. Each method
provides diﬀerent bridge safety criteria based on bridge design philosophies. The
chapter then follows by presenting available methods developed for load rating bridges
without plans.

2.2

Load Rating
Bridge load rating provides a basis for determining the safe live-load capacity of

a bridge. Its primary focus is the assessment of the safety of bridges for live loads
and fatigue. It requires engineering judgment in determining a rating value that is
applicable to maintain the safe use of the bridge and arriving at posting and permit
decisions if needed [1].
The MBE [1] sets forth criteria for the load rating and posting of existing bridges.
These criteria are intended for use in evaluating the types of highway bridges commonly used in the United States that are primarily subjected to permanent loads and
vehicular loads. Methods for evaluating extreme events such as earthquake, wind,
ice, or ﬁre are not included in the MBE [1]. Rating of long-span bridges, and other
complex bridges may involve additional considerations and loadings not speciﬁcally
addressed in the MBE [1].
The load rating methods, as per the MBE [1], are the Load and Resistance Factor
Rating (LRFR), Load Factor Rating (LFR), and Allowable Stress Rating (ASR). The
LRFR method was developed to provide uniform reliability in bridge load rating,
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load posting, and permit decisions. The LFR method provides safety criteria for
bridge load rating based on load factors to reﬂect the uncertainty inherent in the load
calculations. The ASR method combines the actual loadings to produce a maximum
stress in the member, which is not to exceed the allowable or working stress.
No preference is placed on any rating method by the MBE [1]. It is common
practice to use the rating method in accordance with the original adopted design
philosophy, i.e., Load and Resistance Factor Design (LRFD), Load Factor Design
(LFD), and Allowable Stress Design (ASD). For example, a bridge designed by the
ASD would typically be rated using the ASR method. Yet, the same bridge could
be rated by the LFR and LRFR methods. Table 2.1 shows the load rating methods
commonly used for diﬀerent design philosophies.
Table 2.1.
Load Rating Methods under Diﬀerent Design Philosophies

2.2.1

Design Philosophy

Load Rating Method

LRFD

LRFR

LFD

LRFR, LFR

ASD

LRFR, LFR, ASR

Load and Resistance Factor Rating

The LRFR method provides a rating consistent with the LRFD. The methodology
uses load and resistance factors that have been calibrated based on structural reliability theory to achieve minimum target reliability for the strength limit state [1]. The
MBE [1] also provides guidance on service limit states that are applicable to bridge
load rating.
Bridge evaluations are performed under diﬀerent live load models. The evaluation
live load models are comprised of the design live load, legal loads, and permit loads
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and represent a systematic approach to bridge load rating. Each live load model is
evaluated using the appropriate load rating procedure: (1) Design load rating, (2)
Legal load rating, and (3) Permit load rating. The results of the evaluation using
each live load model serve speciﬁc evaluation criterion and guide the need for further
evaluation to verify bridge safety or serviceability [1].
The design load rating measures the performance of existing bridges based on the
HL-93 loading and LRFD code standards. It is a ﬁrst-level assessment and consists of
a design level reliability (Inventory) and a second lower-level reliability (Operating).
Under the design load rating, bridges are screened for the strength limit state and the
rating also considers all applicable serviceability limit states. The design load rating
serves as a screening process to identify bridges that should be load rated for legal
loads.
Bridges that pass the design load rating at the Inventory level have adequate
capacity for all legal loads that fall within the LRFD exclusion limits. Bridges that
pass the design load rating at the Operating level have adequate capacity for the
AASHTO legal loads but not necessarily to all State legal loads, as some of these
loads might be heavier than the AASHTO legal loads.
The legal load rating provides a single safe load capacity (for a given truck conﬁguration) applicable to AASHTO and State legal loads. Strength is the primary
limit state under the legal load rating whereas the service limit states are selectively
applied [1]. The live load factors under the legal load rating are selected based on
traﬃc conditions at the site as speciﬁed in the MBE [1]. The results of the legal load
rating establish the need for load posting or strengthening of the bridge.
A bridge that load rates satisfactory under the legal load rating does not need any
further action and can be load rated for the permit load rating. For bridges where the
legal load rating is not satisﬁed actions such as load posting, replacement or repair
activities, or closing of the bridge are required. The MBE [1] allows the use of higher
levels of evaluation when a bridge fails to pass the legal load rating. This evaluation
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includes the use of reﬁned structural analysis, load testing, site-speciﬁc load factors,
or a direct safety assessment.
Bridges that rated satisfactory under the legal load rating using higher levels of
evaluation can be rated under the permit load rating. Alternatively, load posting
or strengthening of the bridge is needed when higher level of evaluation methods
demonstrate that bridge’s safety and serviceability are unsatisfactory.
The permit load rating checks the safety and serviceability of bridges for oversized trucks. This third-level assessment should only be applied to bridges that have
adequate capacity to carry legal loads. Calibrated load factors by permit type and
traﬃc conditions at a site are employed under the permit load rating as speciﬁed in
the MBE [1].
The load rating is generally expressed as a rating factor for a particular live load
model. The following general expression (Equation 2.1) is used to determine the load
rating of each component and connection subjected to a single force eﬀect (axial,
ﬂexure, or shear),
RF =

C − (γDC )(DC) − (γDW )(DW ) ± (γP )(P )
(γLL )(LL + IM )

(2.1)

where RF is the rating factor, C is the capacity of the member, DC is the dead load
eﬀect on the member, DW is the wearing surface load eﬀect on the member, P is the
permanent loads eﬀect other than dead loads eﬀect on the member, LL is the live
load eﬀect on the member, IM is the dynamic load allowance due to live loading,
γDC is the LRFD load factor for dead load, γDW is the LRFD load factor for wearing
surface load, γP is the LRFD load factor for permanent loads other than dead loads,
and γLL is the live load factor.
The capacity of the members is speciﬁed in the MBE [1] and AASHTO LRFD
Bridge Design Speciﬁcations (AASHTO LRFD) [2]. Strength is the primary limit
state and service and fatigue limit states are selectively applied. The nominal strength
of the component needs to reﬂect its current condition.
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2.2.2

Load Factor Rating

The LFR method analyzes a bridge subjected to multiples of the actual loads [1].
Load factors are used to reﬂect the uncertainty of the load calculations. The rating
is obtained so that the eﬀects of the factored load does not exceed the strength of
the member. The LFR method is broken down into two levels, each with a diﬀerent
evaluation level of safety. These are the Inventory and Operating levels.
The Inventory level corresponds to the customary design level of stress but reﬂects
the existing bridge and material conditions [1]. The Operating level describes the
maximum permissible live load to which the bridge may be subjected [1]. Equation
2.2 is used to determine the load rating of the bridge,
RF =

C − A1 D
A2 L(1 + I)

(2.2)

where RF is the rating factor, C is the capacity of the member, D is the dead load
eﬀect on the member, L is the live load eﬀect on the member, I is the impact factor,
and A1 and A2 are the factors for dead load and live load, respectively.
For the LFR method, A1 = 1.3 and A2 varies depending on the rating level
desired, i.e., Inventory or Operating. For the Inventory level A2 = 2.17 and for the
Operating level A2 = 1.3. The live load eﬀect to be used in the general load rating
equation should be determined using the HS-20 truck and lane loading as speciﬁed in
the MBE [1].
The capacity of the member is speciﬁed in the MBE [1] and AASHTO Standard
Speciﬁcations for Highway Bridges (AASHTO SSHB) [3]. The presence of deterioration or section loss of the member is taken into consideration when performing the
nominal strength calculations.

2.2.3

Allowable Stress Rating

The allowable or working stress method constitutes a traditional speciﬁcation to
provide structural safety [1]. The actual loadings are combined to produce a maximum
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stress in a member. The allowable or working stress, which must be greater than the
maximum stress produced in a member, is then found by taking the limiting stress
of the material and applying an appropriate factor of safety.
The general load rating equation used in the ASR method is the same as Equation
2.2, except that the input values are the maximum stresses in a member. In the ASR
method, A1 = 1.0 and A2 = 1.0, and the capacity of a member is based on the rating
level evaluated, i.e., Inventory level-Allowable Stress or Operating level-Allowable
Stress. The allowable stress and strength formulas are provided in the MBE [1] and
AASTHO SSHB [3].

2.2.4

Load Rating through Load Testing

The MBE [1] provides recommendations to load rate bridges that lack existing
as-built information by the use of load testing. Two types of load tests can be
performed to evaluate a bridge response: diagnostic test or proof test. The National
Cooperative Highway Research Program (NCHRP) Research Results Digest 234 [4]
provides guidelines for both types of load test.
A diagnostic test uses a predetermined load, which is near the bridge’s loadcarrying capacity, placed at several locations along the bridge to observe and measure
its response. The measured bridge response and force eﬀects in one or more critical
bridge members are compared with those obtained from the theory (analytical models). The diagnostic test serves to verify and adjust the predictions of an analytical
model. The calibrated analytical model can then be used to perform the bridge load
rating [1]. Thus, bridges in which their strength is underestimated by an analytical
model, e.g., higher load distribution mechanisms, redundant spans, etc., are suitable
candidates for diagnostic load testing.
In a proof test, the bridge is subjected to speciﬁc loads and its response is monitored to determine whether the bridge can carry these loads without damage. The
loads are placed in increments to detect early signs of distress or nonlinear behav-
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ior [1]. The proof test is terminated when a predetermined load is reached or a limit
state is exceeded. According to the MBE [1] bridges that are suitable candidates for
proof load testing may be separated into two groups: “known” and “hidden” bridges.
“Known” bridges are those whose make-up is known and can be load rated analytically. For these bridges a proof load test is called for when calculated load ratings
are low and the load testing may provide realistic results and higher ratings [1]. “Hidden” bridges are those for which a load rating cannot be conducted due to insuﬃcient
information on their internal details and conﬁguration [1]. Thus, bridges without
construction plans, design plans or both fall into this category, for which, a proof test
can be used to determine a realistic live-load capacity.
In a survey [5] submitted to the ﬁfty state Departments of Transportation (DOT’s),
information was requested regarding their load rating procedures for bridges without
plans. About 52% of those who responded indicated that they conduct load tests; diagnostic test being the most common. The procedure set forth for load rating bridges
through load testing is found in the MBE 8.8 [1].
The procedure when using diagnostic test consists in calculating an adjustment
factor K, which is multiplied times the rating factor obtained from a routine structural evaluation (simpliﬁed analytical model). Equation 2.3 shows the rating factor
obtained after incorporating the load test results,
RFT = RFC K

(2.3)

where RFT is the load rating factor updated from the live-load test data, and RFC
is the calculated rating factor obtained from a simpliﬁed structural analysis.
The adjustment factor K (Equation 2.4) is calculated by computing the Ka and
Kb factors. The factor Ka accounts for the beneﬁt of the load test, if any, and the
consideration of the section properties resisting the applied load test. The factor Kb
is related to the understanding of the load test results when compared with those
predicted by theory [1],
K = 1 + Ka Kb

(2.4)

11
If the value of K is larger than unity, then the response of the bridge observed
during the live-load test is more favorable than that computed from the simpliﬁed
load rating evaluation. Alternatively, if the value of K is less than unity, then the
response of the bridge observed during the live-load test is worse than that calculated
using simpliﬁed load rating techniques.
The procedure outlined in the MBE [1] consists in computing the factor Ka
through Equation 2.5,
Ka =

εC
−1
εT

(2.5)

where εT is the maximum strain of the member measured during the live-load test and
εC is the corresponding strain predicted using the analytical model at the position
where εT was measured.
The Kb factor is used to identify if the member behavior can be extrapolated
to 1.33W , where W is the unfactored gross load eﬀect. To check this criterion,
the analytical model is loaded with the load increased by 33% and then checked to
determine if the members of the bridge remain in the linear elastic range. Table 2.2
shows the values of Kb .

2.3

Available Methods for Load Rating Bridges without Plans
The procedures named Steel Area Method (SAM) and Simpliﬁed Method (SM)

were developed to load rate reinforced concrete bridges without plans [6]. The SAM
procedure uses theoretical analysis and live-load test measurements to estimate the
area of reinforcing steel. The SM procedure utilizes measured live load strains to
directly estimate the bridge load rating.
The load rating using the SM is based on the ASR method and is calculated using
Equation 2.6,
RF =

εall − εDL
εLL (1 + I)

(2.6)

where εall is the allowable strain, εDL is the dead load strain, εLL is the live load
strain, and I is the impact factor.
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Table 2.2.
Values for Kb [1]
Can member behavior be

Magnitude of Test Load

extrapolated to 1.33W ?
Yes
√

No

T
W

< 0.4
√

0.4 <

T
W

≤ 0.7

T
W

> 0.7

0
√

√

0.8
√

√
√

Kb

√

1
0

√

√

0
√

√

0.5

Note: T = unfactored test vehicle eﬀect; W = unfactored gross rating load eﬀect.

For concrete structures designed by ASD the maximum service strain at the inventory level is based on a working stress lower than the yielding of the reinforcing
steel stress. Thus, εall is estimated by Equation 2.7 by knowing the age of the bridge
and with knowledge of the grade of reinforcing steel common for that era [6].
εall =

0.55fy
Es

(2.7)

The dead load strain is estimated by the simple relationship presented in Equation
2.8,
εDL =

MDL
εLL
MLL

(2.8)

where MDL and MLL are the theoretical moments due to dead load and live load
produced by the test truck, respectively, and εLL is the measured strain under the
test truck.
The SAM was extended to accommodate more realistic general load conﬁgurations used in a typical load test. The expressions (Equation 2.9 and Equation 2.10)
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developed in the SAM involved the use of strain or displacement measurements and
are referred to as the “moment-strain stiﬀness” and “moment-displacement stiﬀness”,
respectively,
3

bx2 (d − x3 )
M
= kstrain
= Ec
2(h − x)
εcb

(2.9)

where M is the internal moment due to the applied load, εcb is the tensile strain of
concrete on the bottom ﬁber, Ec is the Young’s modulus of elasticity of concrete, b
is the beam width, x is the distance from the top ﬁber of the beam to the neutral
axis, d is the distance between the top of the beam and the reinforcing steel, h is the
depth of the beam, and kstrain is the “moment-strain stiﬀness”.
⎧
⎫
⎡
!3
!3 ⎤ 
⎬
Ig
Ig
⎨
2
fr yt
f r yt
Mcorrect
⎦ 1 bx3 + bx (d − x)
=
= kdef l (2.10)
Ig + ⎣1 −
⎩ Ma
⎭
Δ
Ma
3
2
where Mcorrect =

RL
0

MK MP ds, MK is the bending moment in the beam due to a unit

virtual force at midspan, MP is the bending moment in the beam caused by the loaded
truck of known weight and axle spacing or any other loads, in a certain location on
the beam, Δ is the deﬂection at midspan of the beam with constant section, fr is the
modulus of rupture of concrete, Ig is the moment of inertia of the gross uncracked
section, yt is the distance from the neutral axis to the extreme tension ﬁber, Ma is the
maximum moment in a component at the stage for which deformation is computed,
and kdef l is the “moment-displacement stiﬀness”.
The SAM consists in collecting strain or displacement measurements on the critical components of a concrete bridge. Using the known axle weight and spacing of the
test truck, the moments at the location where the measurements were recorded are
computed analytically. The analytical moments are then plotted against the measurements obtained from the live-load test and a linear regression is ﬁtted to calculate the
slope, which value corresponds to either kstrain or kdef l depending whether strain or
displacement measurements were recorded. Using the kstrain or kdef l expressions the
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neutral axis position of the cross-section x is solved to estimate the area of reinforcing
steel using Equation 2.11,
As =

bx2
2n(d − x)

(2.11)

where As is the area of reinforcing steel and n is the modular ratio between the
Young’s Moduli of elasticity of reinforcing steel to concrete.
The SAM expressions were tested on a reinforced concrete slab bridge to estimate
the reinforcing steel. Both strain and displacement were measured along the bridge
during the load test. The sample bridge was in good condition with no skew and had
low traﬃc volume. Plans of the tested bridge were available so comparisons between
the estimated and actual reinforcing steel could be made.
The study concluded that the developed expressions were satisfactory in estimating the reinforcing steel of the tested concrete slab bridge. However, displacement
measurements were more reliable than concrete strain measurements and cracking
moment measured in the live-load test was lower than the one estimated based on
theory. The procedure was sensitive to load distribution factors (DF’s), so it was
recommended to obtain DF’s from load testing when possible.
Cuaron et al. [5] investigated the use of Windsor Probe testing and a Ferroscan
system for the load rating of reinforced concrete slab bridges without plans. The
concrete strength was estimated using the Windsor Probe test. The nondestructive
Ferroscan system was used to estimate the size, spacing, cover, and length of the
reinforcing steel.
The authors reported that the Ferroscan system was not very eﬀective in determining the rebar size at locations where the concrete cover was three inches or
more. These locations usually correspond to the top reinforcing steel in concrete slab
bridges [5]. The top reinforcing steel was estimated based on historical ratio of top
to bottom area of steel reinforcement per linear foot.
The procedure was evaluated on twenty-three concrete slab bridges. A nominal
concrete strength of 3,000 psi was assumed in twelve bridges for which the Windsor
Probe test failed. As-built plans were created based on ﬁeld measurements and the
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reinforcing steel layout was obtained from the Ferroscan system. The plans were used
to model each bridge to determine the load ratings. The ratings were performed using
the nominal concrete compressive strength of 3,000 psi and the measured concrete
strength obtained from the Windsor Probe test when available.
Overall, the results showed that on average there was an increase of 16% on the
load ratings when using the measured concrete compressive strength obtained from
the Windsor Probe testing. The use of basic nondestructive testing along with the
implementation of simple structural analysis techniques proved to be an eﬀective
method for estimating the load-carrying capacity of reinforced concrete slab bridges
without plans [5].
Several Departments of Transportation (DOT’s) have their own policy for load
rating bridges without plans, however, these ratings are usually based on the National
Bridge Inventory (NBI) condition rating. For example, the Texas DOT (TXDOT)
Policy assigns an HS-15 inventory rating and HS-20 operating rating for reinforced
concrete structures with unknown details and no sign of structural distress.
If the structure is over 4 years old and the NBI condition rating is less than 5 for
Item 58 (Deck) and less than 6 for Item 59, 60, or 62 (Superstructure, Substructure,
or Culvert) the bridge is load-posted at the inventory level [7]. This procedure may
be followed given that the following conditions are met,
1. The bridge has been carrying unrestricted traﬃc.
2. There are no signs of signiﬁcant distress on the bridge.
3. The bridge exhibits proper span-to-depth ratio.
4. The construction details should match the speciﬁcations current at the time of
estimated construction date.
5. The appearance of the bridge shows that construction was done by a competent
builder.
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Additionally, if the bridge was built prior 1950, then the amount of reinforcing steel
can be estimated based upon a percentage of the gross area of the main beams (if
tee-beam construction), or depth of slab (if slab construction).
The Oregon DOT (ODOT) Policy speciﬁes that if the bridge has a history of
successfully carrying Oregon legal loads and the NBI condition rating is greater than
or equal to fair, then the maximum moment eﬀect from the legal load is assumed to
result in a rating factor equal to unity [8], i.e., the capacity is assumed to be equal
to the legal load that produced the largest load eﬀect. The inventory rating factor
is considered proportional to the legal load eﬀects, as shown in Equation 2.12. This
equation is then modiﬁed to accommodate the live load factor that corresponds to
the Operating level when using the LFR method as depicted in Equation 2.13.


MLegal
RFHS−20−Inventory =
(CF )
(2.12)
MHS−20
where MLegal is the maximum moment eﬀect of Oregon legal loads, MHS−20 is the
maximum moment eﬀect of the HS-20 truck or design lane load, and CF is the
condition factor based on the NBI condition rating shown in Table 2.3.
 
5
RFHS−20−Operating = (RFHS−20−Inventory )
3

(2.13)

where RFHS−20−Inventory and RFHS−20−Operating are the rating factor of the Inventory
and Operating levels, respectively.
Table 2.3.
Condition Factor (CF ) [8]
NBI Item 59 (Superstructure) Condition Rating

Condition Factor (CF )

5. “Fair Condition” or better

1.00

4. “Poor Condition”

0.50

3. “Serious Condition”

0.25

2. “Critical Condition”

0.12
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An exhaustive search for plans and shop drawings for bridges with unknown details
is conducted and documented as per the Idaho Transportation Department (ITD) [9].
If details cannot be found then the load rating is performed for a HS-20 truck based
on the lowest NBI condition rating as shown in Table 2.4.
Table 2.4.
Inventory and Operating Ratings by NBI Condition Rating [9]

Lowest NBI Condition Ratinga

a

Rating Factor

Rating in tonsb

Inventory Operating

Inventory Operating

9

1.00

1.67

36

60

8

1.00

1.67

36

60

7

0.86

1.45

31

52

6

0.64

1.06

23

38

5

0.50

0.84

18

30

4

0.33

0.56

12

20

3

0.17

0.28

6

10

2

0.08

0.09

3

3

1 or 0c

0

0

0

0

Lowest NBI Item for either 59 (Superstructure), 60 (Substructure), or 62 (Culvert).

b

Based on a HS-20 truck with a weight of 36 tons.

c

Indicate that weight limit posting for State legal loads may be considered.
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3. LOAD RATING TECHNIQUES AND EVALUATION
3.1

Chapter Summary
As discussed in Chapter 2, the load rating is a process by which the safe load

capacity of a bridge is determined. The results obtained from the load rating are
then used on the decisions to post or strengthen the bridge structure if needed. This
chapter details the techniques, speciﬁcations, and processes involved in the load rating of an existing bridge. The bridge was initially load-posted based upon a simpliﬁed
structural analysis and evaluation performed for INDOT. An experimental and analytical evaluation was conducted to determine the adequacy of the posting load placed
on the bridge. The analytical models considered a spatial structural analysis of the
superstructure and ﬁnite element analysis (FEA) of the entire bridge. The results
obtained experimentally were compared with those obtained analytically. Finally,
the load rating of the bridge was conducted using the experimental and FEA results. It was found that the bridge exhibited a higher load-carrying capacity than the
estimated initial restrictive load.

3.2

Introduction
An open-spandrel reinforced concrete arch bridge in west-central Indiana was load-

posted based on a simpliﬁed structural analysis and evaluation performed for INDOT.
This initial evaluation showed that the transverse ﬂoor beams were the controlling
rating members. This resulted in a 12 tons posting load placed on the bridge.

19
3.3

Bridge Description
The open-spandrel reinforced concrete arch bridge is located a couple of miles

away from Turkey Run State Park. It crosses Roaring Creek to carry US 41. It has a
70 ft. span length between abutments and was originally built in 1942. The bridge,
referred hereafter as the Roaring Creek Bridge (Figure 3.1), was later widened in
1968 to accommodate two more arch rings, one on each side. The deck was overlaid
in 1993. The original construction plans, the bridge widening plans, and the deck
overlay plans were provided by INDOT.

Fig. 3.1. Roaring Creek Bridge.

The bridge superstructure has a width of 41 ft. and carries two traﬃc lanes. It is
comprised of a slab supported by eleven transverse ﬂoor beams and nine longitudinal
stringers. The deck has two expansion joints along its length. The dimensions of the
bridge members were obtained from the bridge plans. The slab has a thickness of 9.5
in. and the total depth of the ﬂoor beams and stringers, which include the thickness
of the slab, is 27.5 in. and 21.5 in., respectively. The stringers are 10 in. wide. The
ﬂoor beams are 10 in. wide, except for the ﬂoor beams located next to the expansion
joints which have a width of 9 in.
The bridge substructure is comprised of four arch rings that support the superstructure through columns. Each arch ring has twelve columns paired along its length
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where half of the columns were monolithically constructed with the deck while the
remaining columns were non-monolithically constructed. Figure 3.2 shows a typical
cross-section of the bridge conﬁguration.
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Fig. 3.2. Roaring Creek Bridge cross-section.

The material strength properties of the concrete and reinforcing steel were not
speciﬁed in the original bridge plans. The MBE [1] provides conservative values for
material strengths when they are unknown. It recommends a concrete compressive
strength of 2,500 psi for structures built prior to 1959 and a reinforcing steel yield
stress of 33,000 psi for structures built prior 1954. These values were adopted for the
material strength properties of the Roaring Creek Bridge.
The bridge plans showed no intentional presence of shear reinforcement at the
ﬂoor beams supports except from bent bars used at this location to provide negative
moment reinforcement. Moreover, no shear reinforcement was speciﬁed in the original
plans where the design critical section for shear is located. This location corresponds
to a distance d from the face of the support, where d is the distance from the extreme
compression ﬁber to the centroid of tension reinforcement [3]. Similarly, the critical
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section for shear is located a distance dv from the face of support, where dv is the
eﬀective shear depth and it is the distance between the resultants of the tensile and
compressive forces due to ﬂexure [2]. The absence of shear reinforcement deemed
these members critical.
An initial simpliﬁed load rating and evaluation of the Roaring Creek Bridge performed for INDOT suggested that the bridge needed to be posted. The load rating
was controlled by the shear strength limit state of the ﬂoor beams. Decision on the
need to post this bridge was further evaluated. This evaluation included strain measurements recorded on one of the critical members (ﬂoor beams) and comparison of
the experimental results with those obtained analytically.

3.4

Preliminary Evaluation
Two simpliﬁed analytical models were used to investigate the load rating of the

ﬂoor beam members. The analytical models are referred herein as the Direct and
Lever Rule models. The Direct model assumes that the transverse ﬂoor beam directly
carries a point load placed on the slab [10]. The Lever Rule model treats the slab as
simply supported between stringers and statically distributes the point load to each
stringer resulting on reactions acting on the supporting ﬂoor beam [10]. These two
models have the advantage of being simple and can be performed on a routine basis
to cover diﬀerent loading conﬁgurations. However, the ﬂexural stiﬀness provided by
adjacent members for distributing the load is not considered.
The wheel loads of the H-20 load-rating vehicle were treated as point loads and the
reactions acting on the supporting ﬂoor beams were obtained from the Direct and
Lever Rule models. A transverse ﬂoor beam was then modeled into SAP2000 [11]
and loaded with the calculated reactions to determine the maximum force eﬀects and
subsequently the bridge load rating. The results of Direct and Lever Rule models
showed that original posting load follows from this type of simpliﬁed analyses.
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3.5

Load Test
The center span of the second ﬂoor beam, located from the southern abutment,

was selected for instrumentation. This ﬂoor beam was the controlling load-rating
member based on the preliminary load rating evaluation. The center span of this
ﬂoor beam has a greater span length than the other span lengths. Thus, this span
resulted in higher load eﬀects when loaded with the load-rating vehicle using the
preliminary analytical models.
The instrumentation included concrete strain gage installation along the face of
the ﬂoor beam span. The strain gages layout is depicted in Figure 3.3. The strain
gages had three pre-attached lead wires for compensation of temperature-induced
resistance changes in the strain gage circuit. Shielded wires were used for wire splicing
to minimize the noise eﬀect. The wires were then connected to a data logger unit to
record the strain measurements. All gages were coated to prevent damage form the
environment.
CL
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12"
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Fig. 3.3. Strain gage layout of the Roaring Creek Bridge.

Two three-axle dump trucks were used for the load test and are referred herein
as Truck A and Truck B. Both trucks were loaded and weighed at the Crawfordsville
District Oﬃce on the day of the load test. Truck A had a total gross weight of 52,960
lbf when fully loaded. The front axle weight was 14,660 lbf and the combined weight
of the rear axles was 38,300 lbf. Truck B had a total gross weight of 50,180 lbf. The
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weight of the front and combined rear axles was 11,820 lbf and 38,360 lbf, respectively.
Figure 3.4 shows the trucks conﬁguration.
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Fig. 3.4. Test-trucks of Roaring Creek Bridge.

Five static load cases were designed for the load test. Test 1 used both trucks
positioned 1 ft. apart from each other and symmetrically placed with respect to the
centerline of the instrumented ﬂoor beam span. The rear axle of both trucks was
positioned directly over the ﬂoor beam to induce maximum longitudinal strains.
Test 2 also used both trucks placed 1 ft. apart from each other but were not
symmetrically placed with respect to the centerline of the ﬂoor beam span. Instead,
one wheel of Truck B was positioned at the centerline of the ﬂoor beam span. Like
Test 1, the rear axle of both trucks in the Test 2 loading were placed directly over
the ﬂoor beam.
Test 3 used one truck (Truck A) where the rear axle was placed over the ﬂoor
beam. The edge of the wheel of Truck A was aligned with the centerline of the ﬂoor

24
beam span. The rear axle of Truck A was placed over the ﬂoor beam during the Test
4 loading with one of the rear axle wheels symmetrically placed with the centerline
of the ﬂoor beam span. Like Test 4, Test 5 had the same conﬁguration except that
the tandem of Truck A bisected the instrumented ﬂoor beam.
Test 1 was designed to induce maximum longitudinal strains at the instrumented
ﬂoor beam midspan. Test 2 investigated the eﬀect on the strain measurements when
one truck wheel aligned on the center of the ﬂoor beam span. Test 3 was intended
to induce greater strain measurements towards the west end support near the critical
section for shear. Like Test 1, Test 4 loading was designed to induce maximum
longitudinal strains at midspan when only one truck was placed over the bridge deck.
Test 5 was used to examine the load eﬀect when none of the rear axles aligned directly
over the ﬂoor beam.
The measured strains were used to ﬁeld estimate the neutral axis of the diﬀerent
cross-sections at the locations were the gages were installed. The strains were also
used to estimate the bending moment and shear force acting along the ﬂoor beam
span. The bending moment calculation was based on the peak measured strains, i.e.,
the strains recorded near the bottom of the ﬂoor beam cross-section, and classical
beam theory. The shear force at a point was estimated using the change in moment,
inferred from the strain measurements, between two cross-sections.

3.6

Deck System Structural Analysis
The simpliﬁed models (Direct and Lever Rule) did not account for the ﬂexural

stiﬀness of adjacent members to activate load distribution mechanisms. Thus, to
account for this, a structural model considering the deck system, i.e., ﬂoor beams,
stringers, and slab, was created in SAP2000 [11]. The geometry from the original
bridge plans was used to create the model layout. The material strength properties
used in the model were based on the values recommended in the MBE [1].
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The ﬂoor beams and stringers were modeled using frame elements and the slab
was modeled using shell elements. The frame element is a straight line that connects
two nodes to model planar and three-dimensional (3D) systems. It uses a general,
3D, beam-column formulation which includes the eﬀects of biaxial bending, torsion,
axial deformation, and biaxial shear deformation [12]. The shell element is a three- or
four-node formulation that combines membrane and plate-bending behavior [12]. A
thin-plate (Kirchhoﬀ) formulation that neglects transverse shearing deformation, or
a thick-plate (Mindlin/Reissner) formulation which includes the eﬀects of transverse
shearing deformation can be speciﬁed for the shell element. A thick-plate formulation
was used to model the slab.
The actual conﬁguration of the superstructure was modeled by oﬀsetting the frame
joints to place the top of the slab at the same level with the top of the stringers and
ﬂoor beams. This conﬁguration allowed the program to capture the behavior between
ﬂoor beams, stringers and deck slab, i.e., the program transformed frame element
stiﬀness for oﬀsets from the centroid.
The boundary condition of the model was assumed as simply supported at the
locations where the columns meet the ﬂoor beams. Pinned supports were used at the
west line of columns and roller supports otherwise. The truck wheel loads of each
static load case was modeled as a uniformly distributed pressure acting over the tire
print. No dynamic allowance was considered to be consistent with the static load
tests. A linear elastic analysis was performed for each static load test.
The beneﬁt of modeling the entire superstructure was investigated and compared
to a simpliﬁed model which considered the deck system between the south abutment
and expansion joint (this location corresponded to the instrumented ﬂoor beam where
the tandem truck loads were applied). It was found that the load eﬀects on the ﬂoor
beam were similar when considering the entire deck model and simpliﬁed deck model.
Thus, the simpliﬁed deck model was used to ease the computational eﬀort. Figure
3.5 shows the SAP2000 model.
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Fig. 3.5. SAP2000 model.

The section forces acting along the instrumented ﬂoor beam were obtained by
using the built-in section cut tool. This tool uses user-speciﬁed section cuts along the
model to calculate section cut forces by summing the forces which act on member
joints within the group of frame, shell, and link objects associated with the section
cut [12].
Section cuts were deﬁned at the locations where the strain gages were installed.
The frame and shell elements that comprised the eﬀective ﬂange width were grouped
and the integrated forces were requested from the program to obtain the bending
moment and shear force. The eﬀective ﬂange width overhanging each side of the
transverse ﬂoor beam was assumed as the minimum between six times the least slab
thickness or one-tenth of the span length [2]. T-beam gross section properties were
then used to estimate the longitudinal strains based on the section cut forces using
classical beam theory.

3.7

Finite Element Analysis
The Roaring Creek Bridge was modeled using three-dimensional (3D) ﬁnite el-

ement analysis (FEA). The multi-purpose ﬁnite element software Abaqus [13] was
used to conduct the analysis. The model layout was created using the geometry from
the bridge plans. The ﬂoor beams, stringers, deck slab, columns, arch tie beams, and
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arch rings were modeled using linear hexahedral elements of type C3D8R (an 8-node
linear brick, reduced integration, hourglass control).
The columns that were monolithically constructed with the deck were modeled
as such. The boundary condition of the non-monolithically constructed columns was
modeled using a coupling constraint between the area shared by ﬂoor beam and
column by restraining the translational degrees of freedom. The boundary condition
at the base of the arch rings was modeled by constraining the active translational
degrees of freedom of the solid elements. Figure 3.6 shows the 3D ﬁnite element (FE)
model of the Roaring Creek Bridge.

Fig. 3.6. 3D FE model of the Roaring Creek Bridge.

The wheel loads of the trucks were modeled as a uniformly distributed pressure
acting on the tire print. The dynamic allowance was not considered to be consistent
with the static load tests. The material properties of the concrete for all the bridge
members in the model were the same used in the deck system model. A second-order
linear elastic analysis was conducted, i.e., the eﬀective stiﬀness of the structure was
changed by the action of the loads upon it.
The strains were requested from Abaqus [13] and compared with those obtained
from the load test. The built-in path tool was used to request the longitudinal
and shear stresses at the ﬂoor beam cross-section where the gages were installed to
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calculate moment and shear, respectively. The path tool is a series of connected lines
deﬁned by specifying a series of points or line segments through the model.
The user-deﬁned path was created with thirty intervals through the web depth and
ten intervals through the overhanging eﬀective ﬂange depth of the T-beam section.
Five paths were deﬁned along the web width and eﬀective ﬂange width for each crosssection where the gages were installed. The longitudinal and shear stresses requested
from the paths were used to calculate the bending moment and shear force using a
ﬁber analysis.
Each user-deﬁned path represented a cross-section divided into ﬁbers. Each ﬁber
had an area and its corresponding stress. The area times the stress resulted in the
force at each ﬁber. Each force was then multiplied by its moment arm, where the
moment arm was the diﬀerence between the centroid of the cross-section and local
centroid of the ﬁber. The bending moment on the cross-section was the summation of
each individual ﬁber bending moment. The shear force on the cross-section was the
summation of each individual ﬁber shear force. The measured strains from the load
test and predicted strains from the FEA were smaller than the cracking limit tensile
strain of concrete. Thus, gross-section properties were assumed and the reinforcing
steel was neglected during the calculation of the section forces.

3.8

Experimental and Analytical Results

3.8.1

Neutral Axis

The peak recorded strains were found at the bottom gages while the gages placed
above this location measured smaller values of strain. The linear strain decrease was
approximate, but there was good general agreement with linear behavior. For the
cross-section located at mid-span, however, a judgment on strain linearity could not
be discerned since it allowed for the interpretation of only two measurements that
were relatively close to each other, whereas at all other cross-sections there were at
least three measurements along the ﬂoor beam depth.
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To be more representative of overall bridge behavior, the ﬁeld estimate neutral axis
was averaged for the same cross-section for each static load test. The average neutral
axis at the cross-section located 26 in. to the west with respect to the centerline of the
ﬂoor beam span was judged to be less consistent than desired. At this location, the
average neutral axis was diﬀerent form the other cross-sections and the one calculated
using T-beam gross-section properties.
The neutral axis, calculated using T-beam gross section properties with an eﬀective ﬂange width based on AASHTO LRFD [2], was 17.2 in. This value was referenced
from the bottom of the ﬂoor beam. The ﬁeld estimate average neutral axis was 17.6
in., 16.4 in., and 17.1 in. for the cross-sections located at 26 in. to the west, 14 in. to
the east, and 26 in. to the east with respect to the centerline of the ﬂoor beam span,
respectively (see Figure 3.3 for the location of the cross-sections along the ﬂoor beam
span). These values were relatively close to the one estimated using gross-section
properties, where the maximum absolute error was less than 5%.
The average neutral axis depth at the cross-section located at 14 in. to the west
was greater than the depth of the ﬂoor beam, which was not possible. This discrepancy was attributed to a malfunction of one gage, speciﬁcally the gage located near
the top of the ﬂoor beam depth, because the readings of this gage were not consistent
with the readings of the other gages located at the same position.
Based on the cross-sections located at 26 in. to the west, 14 in. to the east, and
26 in. to the east, the gages located near the top of the ﬂoor beam measured strain
values relatively close to zero. If it was assumed that the gage that was malfunctioning
had similar readings to the gages installed at the same position on the other crosssections and that the gages located below it had the same readings that were recorded,
then the average neutral axis location shifted to values relatively close to the average
neutral axis estimated at the other cross-sections. This suggests that the gage placed
14 in. to the west and near the top of the ﬂoor beam depth was defective while the
remaining gages at that location were not.
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3.8.2

Measured and Predicted Strains

The gages that recorded the peak strain readings were compared with the strains
obtained analytically. Figure 3.7 and Figure 3.8 show the measured and predicted
strains for the two- and one-truck(s) loading, respectively. The x-axis in both ﬁgures
represents the distance with respect to the centerline of the ﬂoor beam span, where
positive values reﬂect distances to the east side and negative values reﬂect distances
to the west side. The Test 4 loading comparison is not shown in Figure 3.8 because
it was similar to Test 5 loading, except that Test 5 loading recorded slightly higher
strain measurements.
The peak longitudinal strain recorded during the two-trucks loading was approximately 34 µε [Figure 3.7(a)]. The peak strain measured for the one-truck loading
was 22 µε [Figure 3.8(b)]. The peak longitudinal strain recorded for Test 1, Test 2,
and Test 3 loading was located at 14 in. to the west. The peak strain measured for
Test 4 and Test 5 loading was located at midspan.
It was observed that the maximum strain measured along the ﬂoor beam span
during the load test was smaller than those predicted by the analytical models. The
peak strain predicted by the Direct, Lever Rule, and deck system models was located
at midspan for all static load tests. The highest strain predicted by the 3D FE model
was located at midspan for Test 1, Test 2, Test 4, and Test 5, where in the Test 2
loading the strain at midspan was slightly higher than the strain at 14 in. to the west.
The peak strain location predicted by the 3D FE model for Test 3 was consistent with
the measured response.
It was observed that the highest value of strain recorded for Test 1 and Test 2
was oﬀset 14 in. to the west from midspan when compared with the peak strain
predicted by the analytical models. It was expected, however, that Test 1 loading
would result approximately in symmetrically values of measured strain with respect
to the centerline of the ﬂoor beam span since the applied load was symmetrically
placed.
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Fig. 3.7. Measured and predicted strain for two-trucks loading.

It was not believed, however, that the gages placed at 14 in. to the east were
defective since a linear strain distribution was observed and they produced a neutral
axis depth consistent with the other cross-sections and that calculated using gross
section properties. Minor moisture was present at this location during the strain
gage installation. This could be indicative of a reduction in load distribution at
this location perhaps due to some minor delamination. The other loading cases were
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Fig. 3.8. Measured and predicted strain for one-truck loading.

skewed to the west side and no wetness was encountered on that side of the ﬂoor beam.
The strain gages on the west side to midspan were believed to be more representative
of the change in strain that occurred as the ﬂoor beam was loaded.
The measured response in terms of longitudinal strains was under-predicted at
the west side by the Direct, Lever Rule, and deck system models, as shown in Figure
3.8. It was observed, however, that the measured response was smaller than that
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predicted by the 3D FE model for all static load tests. This suggests that the bridge
response in terms of longitudinal strains predicted by the 3D FE model was more
consistent and maintained conservatism where the other analytical models did not.
Overall, the lower strain ﬁeld recorded during the load test when compared with
those obtained analytically could be attributed to the concrete strength and stiﬀness
being greater than the lower bound concrete properties used in the models. The
concrete properties used in the analytical models followed the recommendations of
the MBE [1]. It was then reasonable to expect that lower measured strain ﬁeld was
a result of the concrete and stiﬀness being higher than the initially lower bound
modeled.

3.8.3

Field Estimate and Predicted Section Forces

The ﬁeld estimate of bending moment was performed using the peak measured
longitudinal strain, i.e., the strain values recorded on the gages located near the
bottom of the ﬂoor beam. The moment was calculated by multiplying the longitudinal
strain times the Young’s modulus of elasticity times the section modulus of the Tbeam section based on the gage location that recorded the highest strain.
The ﬁeld estimate bending moment was directly proportional to the measured
strain data. Thus, the same trend found in the comparison of the strains was observed
in the comparison of the bending moment. Figure 3.9 and Figure 3.10 show the ﬁeld
estimate and predicted moment for the two-trucks and one-truck loading, respectively.
The shear force for each load test was estimated based on the change in the ﬁeld
estimate moment between two cross-sections. This shear force was then compared
to the predicted shear force obtained from the analytical models. It was found that
both the ﬁeld estimate and the analytical shear force were greater towards the critical
section for shear. This location corresponded to a distance d from the face of the
support, where d is the distance from the extreme compression ﬁber to the centroid
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Fig. 3.9. Field estimate and predicted bending moment for two-trucks loading.

of tension reinforcement. Figure 3.11 and Figure 3.12 show the ﬁeld estimate and
predicted shear for the two-trucks and one-truck loading, respectively.
The comparison of the section forces was performed by normalizing the maximum
predicted force eﬀects with respect to the maximum ﬁeld estimate force eﬀects, as
shown in Figure 3.13. Figure 3.13(a) showed that the highest ratio between predicted
and estimated bending moment was about 1.7 for the Lever Rule model when Test 2
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Fig. 3.10. Field estimate and predicted bending moment for one-truck loading.

loading was applied. The Direct model, for the Test 1 loading, had the lowest ratio,
i.e., about 1.2. The diﬀerence between the deck system and 3D FE models ratio was
about 13% for the Test 3 loading and less than 5% in the other static tests. Overall,
the predicted bending moment for the various analytical models was about less than
twice the ﬁeld estimate bending moment. The higher predicted moments were a
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Fig. 3.11. Field estimate and predicted shear force for two-trucks loading.

result of the conservative approach assumed when estimating the concrete strength
and stiﬀness used in the analytical models.
The predicted shear force at the critical section for shear was also normalized with
respect to the ﬁeld estimate shear force at the critical section for shear, as shown in
Figure 3.13(b). This showed that the highest ratios were produced by the Direct and
Lever Rule models. The maximum ratio was about 3.4 and it was produced under
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Fig. 3.12. Field estimate and predicted shear force for one-truck loading.

the Direct model when Test 2 loading was applied. It was also observed that the
two-trucks loading produced a ratio greater than three times the ﬁeld estimate shear
force per measured strain. For the one-truck loading the shear force predicted by the
Direct and Lever Rule models was about twice that of the ﬁeld estimate shear force
for Test 3 and Test 5, whereas the shear force predicted for the Test 4 loading was
greater than twice of that obtained from the ﬁeld estimate shear force.
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Fig. 3.13. Normalized section forces.

It was observed that the ratio of predicted to ﬁeld estimate shear force for the
two-trucks loading decreased signiﬁcantly for the deck system and 3D FE models
when compared to those obtained under the Direct and Lever Rule models. The
ratios for the one-truck tests obtained under the deck system and 3D FE models
were lower than the ratios obtained under the Direct and Lever models. The ratio
obtained under the deck system and 3D FE model was similar between them for the
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two-truck tests with a diﬀerence of less than 2%. The mean diﬀerence between the
predicted shear force at the critical section for the deck system and 3D FE models
was approximately 17%.
The number of trucks placed on the bridge produced a pronounce diﬀerence in the
predicted shear force at the critical section for shear for the Direct and Lever Rule
model when compared to the deck system and 3D FE models. This was a result of the
load distribution through ﬂexural stiﬀness of adjacent members modeled in the deck
system and 3D FE models. The Direct and Lever Rule models statically distribute
the loading onto the ﬂoor beam without regard of this load distribution mechanism.
As a result, the load eﬀect of placing two trucks versus one truck was more evident
for the Direct and Lever Rule models than the other analytical models.
Overall, the analytical models predicted similar peak values of bending moment
and they were greater than those inferred from the load test. This was diﬀerent for
the maximum magnitudes of shear force at the critical section. The shear force at
the critical section predicted by the Direct and Lever Rule models were signiﬁcantly
greater than those predicted under the deck system and 3D FE models when compared
to those inferred experimentally. This suggests that a load rating calculation using
conventional load rating techniques such as the Direct and Lever Rule models could
produce overly-conservative load ratings, particularly for the shear strength limit
state of the Roaring Creek Bridge. It would then be advantageous to consider more
sophisticated analysis, such as a 3D FEA, if the simpler models produce lower load
ratings.

3.9

Discussion
The Direct and Lever Rule models, initially used to load rate the Roaring Creek

Bridge, were updated using the load test data. The procedure outlined in the MBE [1]
for load rating through load testing was followed. The maximum force eﬀect found
in the load rating calculations was produced on the ﬂoor beam for one lane loaded.
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Thus, the maximum member strain observed during the one-truck loading was used
to evaluate the factor Ka (Equation 2.5). The factor Kb was evaluated by determining
if the member behavior can be extrapolated to 1.33W , where W is the unfactored
gross load eﬀect. The bridge was loaded with two trucks simultaneously resulting in
a gross weight of 103,140 lbf. This value was about a 50% increase when one truck
was placed over the bridge. The member remained in the linear elastic range when
loaded with more than the 33% increased speciﬁed in the MBE [1].
The load rating was performed using the LFR method. The inventory rating factor
calculated before incorporating the load test results was 0.57 for both the Direct and
Lever Rule models. The operating rating factor was 0.95. The inventory rating factor
after incorporating the load test results for the Direct and Lever Rule models was
0.71 and 0.82, respectively. The operating rating factor after incorporating the load
test results for the Direct and Lever Rule models was 1.19 and 1.37, respectively.
This showed that no posting was needed since the operating rating factor was greater
than unity. The load rating was also evaluated using the 3D FE model. It was found
that the FEA produced an inventory rating factor of 1.25. This value was greater
than those produced from the Direct and Lever models before incorporating the load
test results.
The evaluation of the Roaring Creek Bridge demonstrated the available techniques
used in bridge load rating. This included simpliﬁed structural analysis, reﬁned structural analysis, and load testing. Simpliﬁed structural analysis, such as the Direct and
Lever Rule models used for this particular case, are typically used on a routinely basis
to asses the hundreds of bridges of the nation. These simpler models are frequently
selected as a ﬁrst choice because of the need to load rate many structures with limited
resources. When this type of analysis results in satisfactory bridge load ratings then
load posting is not required.
It was demonstrated that although simpler models are attractive because of their
simplicity, their use could produce unnecessary conservatism in load rating applications. It was shown that traditional load rating techniques could be used along with
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load testing to compensate for the actual bridge response not captured by simpler
models. The initial load rating calculations performed on the Roaring Creek Bridge
were updated with load test data. Additionally, a sophisticated model that employed
FEA was used to compare the experimental response and perform the bridge load
rating. This resulted in higher load ratings. Finally, the load rating results obtained
from the Direct and Lever Rule models updated with the load test data and the FEA
showed that the Roaring Creek Bridge exhibited a higher load-carrying capacity than
that initially estimated.
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4. GENERAL PROCEDURE FOR LOAD RATING
BRIDGES WITHOUT PLANS
4.1

Chapter Summary
This chapter introduces the general procedure for load rating bridges without

plans. The literature review, presented in Chapter 2, and the techniques, speciﬁcations, and processes outlined in Chapter 3, helped formulate the general procedure.
The general procedure has four primary tasks and each task is brieﬂy described. The
chapter then follows by presenting the proposed methodology for load rating poorlydocumented structures. Finally, a list of structures without plans from the inventory
of Indiana state bridges was developed by INDOT; two bridges from this list were
selected to apply the developed methodology.

4.2

General Procedure Development
The common practice for load rating bridges without plans, based on the literature

review, are to assign a prescribed rating value based upon the NBI condition rating,
the use of simpliﬁed structural models supplemented with engineering judgment, and
load testing. Two procedures, developed particularly for concrete bridges, were also
examined and, in general, involved estimating the reinforcing steel by load testing and
theoretical analysis, or a direct estimation using a Ferroscan system. It was evidenced
that a prescribed methodology applicable to all bridges without plans that can be
followed systematically is not currently available. Thus, a standardized procedure is
needed to load rate and evaluate bridges that do not have bridge plans.
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The literature review as well as the techniques and processes studied in the load
rating of the Roaring Creek Bridge helped formulate the general procedure. The
general procedure has four major parts:
1. Bridge Characterization.
2. Bridge Database.
3. Field Survey and Inspection.
4. Bridge Load Rating.

4.2.1

Bridge Characterization

A bridge characterization is deﬁned herein as determining critical information
required for the rating evaluation. Although there are some features that describe
most bridges such as span (simple, continuous, cantilever), material (stone, timber,
concrete, metal, etc.), and form (beam, arch, truss, etc.) the challenge is that critical
bridge information tends to be speciﬁc to particular bridge types. For example, the
bridge information for a steel truss bridge is diﬀerent from that of a reinforced concrete
slab bridge.
The aim of this step is to identify and summarize the critical bridge information that would be required to conduct a structural evaluation of a bridge structure
without plans. For concrete bridges the characterization may include speciﬁed concrete compressive strength, reinforcing steel yield strength, reinforcing steel amount
and layout. For steel bridges the characterization may include structural steel grade,
members dimension and thickness, and connection details. In addition to section
and material properties, the bridge characterization includes the identiﬁcation of the
additional components needed when checking the bridge limit states, e.g., variables
required for member capacity calculations.
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4.2.2

Bridge Database

Historical bridge inspection reports contain invaluable information of a particular
bridge structure. Features such as year of construction, type of structure, and geometric data can be found in these reports. Past bridge inspection reports should be
collected and examined to supplement the bridge ﬁndings. A comparison between
inspection reports of a particular bridge should be conducted so that the evolution
of the condition of the structure can be assessed. Such comparison can potentially
reveal signs of deterioration the structure has experienced or if it has been carrying
unrestrictive traﬃc. Additional information such as repair or replacement activities
conducted on the structure need to be identiﬁed if present, e.g., bridge widening or
overlay. It is possible that rehabilitation plans are available so that missing bridge
information can be supplemented.
A survey of comparable plans should be conducted using the year of construction and bridge type. The objective of the survey is to gather as much information
as possible from the comparable bridge plans of similar bridge type that could potentially reveal material properties used at the time of construction or other design
considerations pertaining to that era. ASTM and AASHTO standards typically used
at the time of original construction should be also collected to complement the bridge
database. These standards can be potentially used in lieu of comparable plans to obtain material properties or other design considerations. Additionally, the recommendations speciﬁed in the MBE [1] can be followed to estimate the material properties
when they remain unknown.

4.2.3

Field Survey and Inspection

A ﬁeld survey and inspection should be performed to complement the missing
bridge information. Surveying should be conducted so geometrical features of the
bridge can be identiﬁed and measured. A thorough inspection of the structure should
be conducted to identify any signs of signiﬁcant distress, deterioration, or deformation.
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The ﬁndings on the condition of the bridge outlined in the inspection reports should
be corroborated with the ﬁeld inspection. Thus, the condition of the structure can
be accounted in the load rating process. Sketches of the bridge are then created from
the bridge information collected from the bridge database and ﬁeld measurements.

4.2.4

Bridge Load Rating

Traditional load rating techniques are usually suitable for bridges with no signs
of signiﬁcant distress or deformation and for bridges where all or most of the missing
information was collected. For bridges where the information is incomplete, conventional load rating techniques can be used to estimate an initial bridge load rating.
For example, the load rating of a concrete structure can be performed by conservatively assuming the minimum reinforcement detail pertaining to the era of original
construction to estimate a rating factor. There is no need to load-post or strengthen
a structure when simpler models result in an operating rating factor greater than
unity.
When traditional rating techniques result in an operating rating factor less than
unity the need to load-post or strengthen a bridge arises. As an alternative, the
MBE [1] allows the use of higher levels of evaluation. A reﬁned structural analysis,
e.g., FEA, is one such higher method of evaluation. This type of analysis, if properly
modeled, could lead to higher ratings since a better representation of the bridge
response is typically attained.
Higher levels of evaluation also include the use of load testing. Load testing is likely
to be performed when most of the information to characterize the bridge is unknown,
or signs of distress are present, or there is reason to believe that the bridge response is
not being properly captured by a structural model. These techniques were described
and studied in Chapter 3. Load testing has the advantage of collecting actual bridge
data so that a direct assessment of the bridge structure can be made.
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Research has shown that nondestructive testing is a powerful tool for bridge load
rating. For example, live-load testing, in-service monitoring and the use of sitespeciﬁc data were investigated in the Darley Road Bridge to improve its load rating
[14, 15]. Moreover, the unintended composite action of a posted, steel-girder-andslab bridge was revealed through nondestructive evaluation methods that showed
that the posting levels on the bridge were unnecessary [16]. Additional beneﬁts of
load testing consist of using live-load test data to update an analytical model to
potentially provide a higher rating evaluation while maintaining conservatism [17] or
adjust bridge load ratings obtained from simpliﬁed structural analysis to account for
in-situ bridge behavior [18].
Although the associated beneﬁts in conducting a nondestructive load test to evaluate a bridge’s response are enticing, it is an expensive alternative that allocates many
resources such as logistic in traﬃc control, transportation of trucks that will simulate
the live loading condition at the site, and time of planning for the bridge testing.
Consequently, it might not be economically feasible to engage nondestructive testing
on a routinely basis for every bridge in the nation with no existing information.

4.3

Methodology for Load Rating Bridges without Plans
A general procedure was developed to provide a standard method to follow when

conducting a load rating for a bridge that has no plans or very poor documentation.
The recommended general procedure is as follows (Figure 4.1):
1. Bridge Characterization.
(a) Identify the bridge that needs to be load rated.
(b) Identify and classify the type of bridge, i.e., bridge span (simple, continuous, cantilever, etc.), bridge materials (reinforced concrete, structural
steel, masonry, etc.), and bridge form (beam, arch, truss, girder, etc.). For
example, simple span reinforced concrete slab bridge or continuous span
steel girder bridge.
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I.

Conduct blidge characterization.

2.

a)
a)

Identify bridge that need to be load
rated.
b) Identify bridge span, material, and
fonn (bridge type).
c) Create a list of critical bridge
infonnation discerned from
previous steps.

4.

a)

b)

Conduct blidge load rating.

Conduct simplified load rating
analysis if:
Most or all the critical bridge
infonnation is collected.
Bridge shows no sign of
significant distress or
detelioration.
Bridge has been caITying
unrestiictive traffic.
Used as an initial estimate for
load ratings, if applicable, when
partial infonnation is incomplete.

Conduct refined load rating
analysis if:
Simplified load rating analysis
results in unsatisfacto1y load
ratings.
Higher level of evaluation is
required to capture the bridge
response. i.e .. FEM models.
To possibly obtain higher load
ratings.

b)
c)
d)

Create b1idge database.

Examine past and ctment
inspection repo1is.
Conduct a survey of comparable
plans of similar bridge type.
Examine cunent and past ASTM
and AASHO/AASHTO specs.
Create database with the
infonnation gathered from
previous steps.

Conduct a field smvey and inspection.

3.

a)
b)
c)

d)

c)

Measure bridge geometric features.
Conduct thorough field inspection.
Co1TOborate the infomiation
detailed in the inspection repolts on
the condition of the bridge.
Create as-built bridge drawings.

Conduct load testing if:
Most of the critical bridge
information remains unknown.
Presence of significant signs of
di.stress or detelioration is
exhibited.
There is reason to believe that the
bridge response if not being
properly captured by a structural
model.
Use to verify and adjust
predictions of an analytical
model.
Use of di.agnostic test as per the
MBE 8.8 [I] to account for in
situ bridge behavior on a
simplified load rating analysis.

Fig. 4.1. Flowchart describing the proposed methodology.
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i. Summarize the information required to conduct a structural analysis
and evaluation.
ii. Summarize additional features included on the strength and service
limit states for the type of bridge, e.g., variables required for the member capacity calculations.
(c) Create a list of the critical bridge information discerned from the previous
steps.
2. Bridge Database.
(a) Collect and examine past and current historical bridge inspection reports.
i. Identify the year of original construction of the bridge.
ii. Identify geometric data, i.e., span lengths, presence of skew, roadway
width, member dimensions, etc.
iii. Asses bridge condition, i.e., review comments on signs of distress or
deterioration, and if the bridge has been carrying unrestrictive traﬃc.
iv. Identify repair or replacement activities, e.g., bridge widening or overlay, and collect rehabilitation plans if available.
(b) Conduct a survey of comparable plans based on the type of bridge and
year range pertaining the original time of construction of the bridge.
i. Identify speciﬁcations on material properties.
ii. Identify characteristic geometric data.
iii. Identify characteristic design considerations and features.
(c) Collect and examine ASTM, AASHO, AASHTO speciﬁcations pertaining
the era of original time of construction of the bridge.
i. Review the speciﬁcations regarding material properties, design considerations, and design philosophy.
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(d) Create a database using the information discerned from the historical
bridge inspection reports, comparable bridge plans, and ASTM, AASHO,
AASHTO speciﬁcations.
3. Field Survey and Inspection.
(a) Conduct ﬁeld measurements of the bridge geometry.
(b) Conduct a thorough visual inspection of the bridge. Check and record
signs of signiﬁcant distress or deterioration, or excessive deformation.
(c) Corroborate bridge condition speciﬁed in the bridge inspection reports
with those collected from the previous step.
(d) Create sketches or drawings based on the ﬁeld measurements and the information collected from the bridge database.
4. Bridge Load Rating.
(a) Traditional load rating techniques, i.e., simpler analytical models typically
used on a routinely basis for load rating applications.
i. Most or all the missing bridge information is collected from the previous steps.
ii. The bridge shows no signs of signiﬁcant distress or deterioration, or
excessive deformation, and the bridge has been carrying unrestrictive
traﬃc.
iii. To estimate an initial load rating when the missing bridge information is partially incomplete. Conservative assumptions on the missing bridge information could be used based on engineering judgment.
However, it is important to recognize that this could potentially result
in conservative bridge ratings. For example, minimum reinforcement
ratio used at the time of original construction of the bridge could be
used for reinforced concrete bridges where the reinforcing steel remains
unknown.
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(b) Reﬁned structural analysis.
i. The bridge rating levels obtained from simpler analytical models suggest the need to post a load limit on the bridge.
ii. The use FEA could eﬀectively capture the bridge structural response
not modeled by simpler models. This usually results in higher load
ratings than those obtained from other simpler analyses. This type
of analysis models demand loads in a more reﬁned way, and when
modeled correctly, they are generally less conservative.
(c) Load testing.
i. The critical information to characterize the bridge remains unknown.
ii. Reﬁned structural analyses indicate that the structure must be loadposted, even when in the judgment of the engineer, load posting is
not necessary. For example, there is reason to believe that the bridge
response if not being properly captured by a structural model.
iii. Load test data can be used to calibrate an analytical model so that
ratings at higher levels of load can be estimated.
iv. The load test results can be used to adjust bridge ratings obtained
from simpliﬁed bridge modeling to account for in-situ bridge behavior
as speciﬁed in the MBE [1].

4.4

Indiana Bridges without Plans
A list of state-owned bridges without plans in Indiana was provided by INDOT.

The list identiﬁed ﬁfty-three bridges, where twenty-nine of them were bridges with
soil cover (Table 4.1). Table 4.1 showed that bridges with under ﬁll constituted about
half of the bridges without plans found in the inventory of Indiana state bridges.
Two ﬁeld assessments were scheduled to inspect some of the bridges included in
Table 4.1. The ﬁrst ﬁeld assessment was conducted on June 2014 and included a brief
inspection of ﬁve multi-plate arch under ﬁll (MPA-UF) bridges and three reinforced
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Table 4.1.
Inventory of Indiana State Bridges without Plans
Type of Bridge

Abbreviation

Qty.

MPA-UF

14

RCA

11

Reinforced Concrete Arch Under Fill

RCA-UF

5

Reinforced Concrete Box Under Fill

RCB-UF

5

Precast Concrete Slab Under Fill

PCS-UF

2

Precast Concrete Arch Under Fill

PCA-UF

2

Steel Thru Truss

STT

2

Riveted Plate Girder

RPG

2

PCBB

1

Steel Box Girder

SBG

1

Continuous Steel Girder

CSG

1

Prestressed Concrete I-Beam

PCIB

1

Reinforced Concrete Slab

RCS

1

Precast Concrete Beam

PCB

1

Welded Girder Rigid Frame

WGRF

1

Reinforced Concrete Slab Under Fill

RCS-UF

1

BT

1

MPA

1

Multi-Plate Arch Under Fill
Reinforced Concrete Arch

Prestressed Concrete Box Beam

Bailey Truss
Metal Pipe Arch

concrete arch (RCA) bridges. The second ﬁeld assessment was performed on July 2014
and included a brief inspection of four reinforced concrete arch under ﬁll (RCA-UF)
bridges, one MPA-UF bridge, and one reinforced concrete box under ﬁll (RCB-UF)
bridge. Observations and comments were recorded for each bridge structure.
The ﬁeld assessments evidenced the bridge structures that were more suitable to
use as candidates to apply the proposed general procedure. Type of bridges with
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higher sampling number as well as bridges close to the West Lafayette campus were
the preferred option.

4.5

Selection of Case Study Bridges
Two bridges were selected from the inventory of Indiana state bridges based on the

information collected from the two ﬁeld assessments (Figure 4.2). The ﬁrst structure
was bridge 024-52-07579 and the second structure was bridge 045-28-06236. The ﬁrst
bridge, classiﬁed as an MPA-UF bridge, is located near Peru, IN. The second bridge,
classiﬁed as an RCA-UF bridge, is located near Scotland, IN. The methodology developed for load rating older, poorly-documented bridges was applied to these two
bridges as detailed in Chapter 5.

(a) Bridge 024-52-07579.

(b) Bridge 045-28-06236.

Fig. 4.2. Case study bridges.
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5. APPLICATION OF METHODOLOGY FOR LOAD
RATING BRIDGES WITHOUT PLANS
5.1

Chapter Summary
This chapter illustrates the application of the methodology developed for load

rating bridges without plans of the two case study bridges presented in Chapter
4. The case study bridges were used as a proof of concept and improvements in
the procedure were incorporated as needed. Although the general procedure is to
be applicable to all bridge structures, the case study bridges considered a buried
corrugated steel arch bridge and an earthen-ﬁlled reinforced concrete arch bridge.
The evaluation of these two bridges without plans was successfully completed using
the proposed methodology. It was found that the controlling strength limit state of
the corrugated steel arch bridge was the minimum of the wall area strength, buckling
strength, and seam resistance. The controlling strength limit state for the earthenﬁlled reinforced concrete arch bridge was the combined action of axial compression
load and ﬂexure. The load rating for the latter structure was performed using an
iterative load rating method that required the use of an interaction diagram.

5.2

Case Study Bridge 024-52-07579

5.2.1

Bridge Characterization

Shapes and Materials
Flexible buried bridges are commonly built using corrugated steel, aluminum, and
plastic material. When longer span lengths are required it is common practice to ﬁeld
assembled the structural plate products. Diﬀerent shapes and sizes are used to satisfy
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diverse length requirements. The most common shape is the round pipe or pipe-arch.
Typical shapes, range of sizes, and common use for this type of structure can be found
in Arnoult [19].
Corrugated steel comes in diﬀerent corrugation sizes. This feature is important
because it is used to determine the section properties, i.e., area, radius of gyration,
and second moment of inertia. Typical corrugation sizes used in the application of
corrugated metal structures can also be found in Arnoult [19].
The corrugation size is deﬁned by the pitch, depth, and thickness. Standardized
tables with the section properties for diﬀerent corrugation sizes are typically available
in the literature and can be found in AASHTO specs. An alternate method [20] can be
used in lieu of tabulated tables to compute the section properties of arc-tangent-type
corrugated sheets.

Loads
Permanent loads in ﬂexible buried bridges are associated with the self-weight of
the structural member, backﬁll material, wearing surface and any other additional
surcharge dead load. The column of earth above the ﬂexible structure is typically the
dominant permanent load.
Transient loads correspond to vehicular loadings. Depending on the rating method
diﬀerent live load models are applied. The HL-93 loading is used when the bridge
is rated by LRFR method. The HS-20 loading is used for rating bridges under the
LFR and ASR methods. The MBE [1] set forth the criteria of the diﬀerent live load
models. AASHTO [2,3] provides guidelines on the methods used to calculate the live
load eﬀects when soil cover is present. The live loading eﬀects depend on the height
of soil cover and the AASHTO speciﬁcation being followed.
For depths of ﬁll of 1 ft. or more, the wheel load is uniformly distributed over a
rectangular area with sides equal to to the tire contact area and increased by the live
load distribution factor (LLDF), as per AASHTO LRFD [2]. When areas of several
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wheel loads overlap the area is deﬁned by the outside limits of the individual area of
a single wheel load.
The live load eﬀects may be neglected when the depth of ﬁll is greater than 8 ft.
and exceeds the span length. For multiple span bridges the live load eﬀects may be
neglected if the depth of ﬁll exceeds the distance inside the face of end walls [2]. The
dynamic load allowance is a function of the depth of ﬁll and for depths equal to or
greater than 8 ft. it becomes negligible, as shown in Equation 5.1,
IM = 33(1.0 − 0.125DE ) ≥ 0%

(5.1)

where IM (Impact Factor) is the dynamic load allowance and DE is the minimum
depth of earth cover above the structure in ft.
In AASHTO SSHB [3], for depth ﬁlls of 2 ft. or more the live load is considered
as a concentrated load uniformly distributed over a square area of sides equal to 1.75
times the height of soil cover. Areas of several concentrated loads that overlap are
limited by the outside limits of each individual area, but the total width of distribution
shall not exceed the total width of the structure span [3].
For single span structures the live load eﬀects may be neglected when the depth
of ﬁll is more than 8 ft. and exceeds the span length. For multiple spans the live load
eﬀects may be neglected if the depth of ﬁll exceeds the distance between faces of end
supports or abutments [3]. When the depth of ﬁll is equal to or less than 2ft. the
wheel load is distributed to the top of the structure as a concentrated load [3]. The
dynamic load allowance decreases from 30% to 10% as the soil cover increases (Table
5.1).

Ring Compression Theory
Spangler was the ﬁrst to investigate the deﬂection of ﬂexible pipes. He recognized
that a ﬂexible pipe deforms under soil load and generates horizontal soil support [21].
His ﬁndings resulted in the development of his Iowa formula in 1941 and it was the
foundation of ﬂexible pipe design.
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Table 5.1.
Impact Factor for Bridges with Soil Cover [3]
Soil Cover

IM

0 ft. to 1 ft.

30%

1 ft. 1 in. to 2 ft.

20%

2 ft. 1 in. to 2 ft 11 in.

10%

Note: IM = Impact Factor.

Originally ﬂawed, the Iowa formula was later modiﬁed by Watkins and Spangler
in 1958 [21]. The Iowa formula was not intended to be used in design but rather
showed the importance of the horizontal soil support on ring deﬂection. For pipe
design, the vertical ring deﬂection ratio is of greater value than the horizontal ring
deﬂection [21].
For circular cross-section the assumption of elliptical ring deﬂection, i.e., the vertical diameter decreases while the horizontal diameter increases, is based on theoretical
analysis of a buried pipe in a homogeneous, isotropic, elastic medium [21]. The excessive soil compression allows the ﬂexible structure to deﬂect, thus, a limiting value
of 5% of ring deﬂection ratio is normally proposed for design [22].
The laboratory conﬁned compression test is typically used to predict the vertical
strain of a soil sample and, thus, useful for predicting the ring deﬂection of a ﬂexible
buried structure. However, the side-ﬁll soil under a ﬂexible structure is biaxial while
the conﬁned compression test is normally uniaxial. Consequently, the side-ﬁll soil
vertical strain under a ﬂexible buried structure is conservatively predicted by the
conﬁned compression test [21].
The stress-strain relationship of a coarse soil (little to no ﬁnes soil) is a function of
the relative density and conﬁned stress. This relationship is illustrated in Whidden
[21], where the secant modulus E is the slope of the stress-strain curve and the
ring deﬂection is as a function of the stiﬀness ratio Rs . The ring deﬂection can be
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estimated by using the strain-stress and stiﬀness ratio relationships. An illustrative
example can be found in the Naval Facilities (NAVFAC) DM-7.01 [22].
Overall, the structural behavior of a ﬂexible buried structure consists in the proper
interaction between the soil and structural member [23]. The structure and soil
attempt to deﬂect as loads are applied at the top of the embankment. To illustrate
this eﬀect, consider a round cross-section that attempts to deﬂect when vertical loads
are applied. In this scenario, the vertical diameter will decrease as the horizontal
diameter increases. The increase in the horizontal diameter is resisted by the lateral
soil pressure. However, if no proper interaction between the soil and the structural
member exists, then the cross-section deforms appreciably resulting in unrecoverable
deformations.
Whether a good compacted material was originally used or not during construction
and installation of a ﬂexible buried structure plays an important role in the behavior
of these structures. This behavior can be accounted during ﬁeld inspections. Thus,
if no signs of signiﬁcant distress or deformation are found during a ﬁeld assessment,
it is reasonable to assume that a proper backﬁll material was provided during the
construction and installation process.
Traditionally, ﬂexible buried structures have been designed using the Ring Compression Theory (RCT). The RCT is an approach that suggests that a ﬂexible structure can be analyzed as a thin ring in compression when installed in a well compacted
backﬁll material. This theory assumes that the non-uniform soil pressure distribution around the structure has little eﬀect on the magnitude and distribution of the
circumferential thrust [24]. Thus, simplifying the complex loading conditions on a
ﬂexible structure by assuming a uniform pressure distribution.
The use of the RCT is valid for ﬂexible sections where the depth of ﬁll exceeds
one-eighth of the pipe diameter [24] or one-quarter its diameter [25]. The uniform
pressure is taken as the overburden pressure of the soil plus any distributed live load
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eﬀect. Thus, based upon the RCT, the circumferential thrust in the pipe wall can be
found by Equation 5.2,
 
S
T =P
(5.2)
2
where T is the circumferential thrust, P is the uniform pressure on top of the structure,
and S is the diameter of pipe or span of plate structure.
For a non-circular cross-section, such as a pipe-arch (Figure 5.1), the radial soil
pressure varies such that the circumferential thrust remains constant throughout the
circumference [24]. For this types of cross-sections the soil pressure on the structure
at any given point can be found by Equation 5.3. Overall, for any ﬂexible bridge-size
culvert shape its design is achieved by providing adequate wall area such that the
thrust does not exceeds the wall strength [22].
P =

T
R0

(5.3)

where R0 is the radius of curvature at the point under consideration, i.e., Rt is the
radius of curvature at the top of the arch, Rb is the radius of curvature at the bottom
of the arch, and Rh is the radius of curvature at the haunch of the arch.

Fig. 5.1. Pipe-arch cross-section.

Thrust and Flexibility Limits
Overall, the design of ﬂexible structures is achieved by the compressive strength
or thrust capacity that would resist the applied dead and live load eﬀects and the
ﬂexibility limit. The ﬂexibility limit is required so that the ﬂexible structure can be
properly handled, installed, and backﬁlled.
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The ﬂexibility limit is deﬁned by the ﬂexibility factor of the structure. It is deﬁned
by Equation 5.4,
FF =

S2
Em I

(5.4)

where F F is the ﬂexibility factor, Em is the modulus of elasticity of metal, I is moment
of inertia per unit length of cross-section, and S is the diameter or maximum span.
The intention of the ﬂexibility factor is to measure the rigidity of the ﬂexible
structure during installation. This allows the structure to resist the deformation or
buckling during the backﬁll operation or transportation.

Strength Limit States
The strength limit states for this type of structure are governed by the thrust
capacity. Both the AASHTO LRFD [2] and AASHTO SSHB [3] adopt the RCT in
designing ﬂexible buried structures. Overall, the thrust capacity is determined as the
minimum of the factored wall area strength, buckling strength and seam resistance.
The wall area strength of ﬂexible buried structures is governed by Equation 5.5,
φRn = φfy A

(5.5)

where Rn is the wall yield strength per linear unit of length, fy is the speciﬁed
minimum yield point, A is the wall area per linear unit of length, and φ is the
resistance factor.
When the the critical buckling stress is less than the speciﬁed yield point the wall
strength needs to be recalculated using Equation 5.6 and Equation 5.7,
φRn = φfcr A

fcr =

⎧
⎪
⎨ fu −
⎪
⎩

fu2
(kS/r)2
48Em

12Em
(kS/r)2

(5.6)
S<

r
k

q

24Em
fu

S≥

r
k

q

24Em
fu

(5.7)

where fcr is the critical buckling stress, fu is the tensile strength of metal, k is the
soil stiﬀness factor, and r is the radius of gyration of corrugation. A k value of 0.22
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is normally recommended [2, 3]. The stress and length values, when used in these
expressions, are inputed in ksi and in., respectively.
For bolted structural steel plate the factored resistance of the seam needs to be
suﬃcient to develop the factored thrust in the pipe wall. If no seam is present, then
this limit does not need to be considered. The seam strength is given by Equation
5.8,
φRn = φRbolt Nbolt

(5.8)

where Nbolt is the number of bolts per linear unit of length and Rbolt is the bolt shear
capacity per linear unit of length.

Bridge Characterization Summary
After conducting the bridge characterization it was found that the critical information needed in the bridge load rating process of ﬂexible buried structures are the
corrugation size, presence of longitudinal seam, height of ﬁll, material properties and
others. A list of variables containing the critical bridge information is summarized in
Table 5.2.

5.2.2

Bridge Database

Historical inspection reports for this structure were collected, however, no relevant
information was found from these reports. Speciﬁcations for the design, construction,
and installation regarding ﬂexible buried structures were used to collect pertinent
information of the variables presented in Table 5.2.
Based on AASHTO specs, the backﬁll material used during installation shall conform to the requirements of AASHTO M 145 or its equivalent ASTM D3282, and a
minimum of 90% standard proctor density (AASHTO T 99). For standard ﬂexible
structures this corresponds to soil types classiﬁed as A-1, A-2, or A-3 using AASHTO
system (AASHTO M 145) or its equivalent GW, GP, SW, SP, GM, SM, GC, and SC
using the Uniﬁed Soil Classiﬁcation System (USCS) (ASTM D3282). Table 5.3 pro-
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Table 5.2.
Corrugated Steel Arch Bridge Variables
Variable Description
A

Area of corrugated cross-section per linear unit of length

Dbolt

Bolt diameter

d

Depth of corrugation

Em

Modulus of elasticity of metal

fcr

Critical buckling stress

fy

Speciﬁed yield point stress

fu

Speciﬁed minimum tensile strength

H

Depth of soil cover

I

Inertia of corrugation per linear unit of length

k

Soil stiﬀness factor

p

Pitch length

Nbolt

Number of bolts per linear unit of length of longitudinal seam

Rbolt

Bolt shear capacity per linear unit of length of longitudinal seam

r

Radius of gyration of corrugation

S

Maximum span or diameter

t

Thickness of corrugation

γs

Unit weight of backﬁll

vides a description of the nomenclature used in the USCS and Table 5.4 shows the
comparison between the AASHTO system and the USCS.
The load eﬀects produced by the backﬁll is typically the most dominant permanent
load. The total vertical stress is obtained by multiplying the total unit weight of the
soil times the height of soil column. Considerations of soil layers present, i.e., depth
and soil type, and the location of the water table also need to be accounted in the
computation of the total vertical stress.
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Table 5.3.
USCS Nomenclature
Soil

Symbol

Property

Symbol

Gravel

G

Well Graded

W

Sand

S

Poor Graded

P

Clay

C

High Plasticity

H

Silt

M

Low Plasticity

L

Peat

Pt

Organic

O

Table 5.4.
Comparison between AASHTO System and the USCS [26]
Comparable Soils in USCS
AASHTO

Most Probable

Possible

Possible but Improbable

A-1-a

GW, GP

SW, SP

GM, SM

A-1-b

SW, SP, GM, SM

GP

n.a.

A-2-4

GM, SM

GC, SC

GW, GP, SW, SP

A-2-5

GM, SM

n.a.

GW, GP, SW, SP

A-2-6

GC, SC

GM, SM

GW, GP, SW, SP

A-2-7

GM, GC, SM, SC

n.a.

GW, GP, SW, SP

SP

n.a.

SW, GP

A-3
n.a. = Not Applicable.

Being the soil a particulate system consisting of a solid phase and a void phase,
the total vertical stress consists of two phases. If the voids were to be ﬁlled with
water, then the stress generated in the water is the pore pressure u and the stress
developed at the solid phase is the eﬀective vertical stress σ 0 . Thus, for a partially or
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fully saturated body of soil, the total vertical stress σv is the sum of the pore pressure
and the eﬀective vertical stress (Equation 5.9). The pore pressure is calculated by
multiplying the column of water times the unit weight of water. The vertical eﬀective
stress is obtained by the diﬀerence in total vertical stress and pore pressure. For
systems that are not saturated the pore pressure becomes zero and the total vertical
stress is equal to the eﬀective vertical stress.
σv = σv0 + u

(5.9)

The unit weight of soil is usually obtained from soil sampling and testing. It
depends on the soil type and degree of compaction. If the actual weight of earth is
unknown, a value of 120 pcf is generally assumed [2, 3, 27].
Typical values of soil unit weights can be found in soil mechanics textbooks.
Typical values of dry unit weight for diﬀerent soils classiﬁed by USCS commonly
used in the installation and construction of buried structures are shown in Table 5.5.
Table 5.5.
Typical Values of Dry Unit Weight for Soils Classiﬁed by USCS [28]
Avg.
USCS Description

Value (pcf)

GW

Well graded gravel, sandy gravel, with little or no ﬁnes

134 ± 6

GP

Poorly graded gravel, sandy gravel, with little or no ﬁnes

130 ± 6

GM

Silty gravels, silty sandy gravels

137 ± 6

GC

Clayey gravels, clayey sandy gravels

124 ± 10

SW

Well graded sands, gravelly sands, with little or no ﬁnes

130 ± 13

SP

Poorly graded sands, gravelly sands, with little or no ﬁnes

124 ± 13

SM

Silty sands

130 ± 16

SC

clayey sands

118 ± 10

64
Design considerations and speciﬁcations for corrugated metal pipe (CMP) and
pipe arches conform to the requirements of AASHTO M 36 (ASTM A760/A760M)
for steel pipes. The speciﬁcations of structural plate products conform to the requirements of AASHTO M 167/M 167 (ASTM A761/A761M) for steel structural plate
(SSP). The speciﬁcations of nuts and bolts for steel structural plate pipes, arches,
pipe-arches, and box structures conform to the requirements of AASHTO M 167/M
167 (ASTM A761/A761M). These standards were studied to discerned the material
properties and any other relevant requirements for this type of structure.

5.2.3

Field Survey and Inspection

Field measurements, as shown in Figure 5.2, were collected to supplement the
information discerned from the bridge characterization. It was found that the bridge
was built with a SSP of 6 × 2 in. corrugation with a thickness of 0.138 in. The
thickness of the plate was measured using a digital caliper at several locations and
averaged. The pitch and depth were measured using a measuring tape at several
locations and averaged.

(a) Bolts in longitudinal seam.

(b) Soil cover measurement.

Fig. 5.2. Field measurements of corrugated steel arch bridge.

The longitudinal seam arranged four bolts per linear foot. The diameter of the
bolt was

3
4

in. in each of the three pipes comprising the structure. The diameter of
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each pipe was 92 in. and the distance between them was 49 in. These measurements
were made using a measuring tape.
The depth of ﬁll was measured using a level and a level rod and it was estimated
to be 11.3 ft. The elevation of the ﬁll should be measured where the maximum
live loading is applied. This location usually corresponds to the roadway above the
ﬂexible structure. Because of the diﬃculty in placing the level rod in the middle of
the roadway due to the upcoming traﬃc, locations such as the shoulders were used
in lieu of the center of the roadway. The diﬀerence in elevation between the top of
the barrel and roadway resulted in the height of soil cover.
No signs of distress or excessive deformation were found during the ﬁeld inspection.
It was assumed that typical standards for installation and construction of standard
ﬂexible buried structures were followed by a competent engineer. Thus, the backﬁll
material was assumed to be a well compacted material following AASHTO speciﬁcations.
Drawings of the bridge-size culvert over US 24 were created using the information
collected from the bridge database and ﬁeld measurements. Figure 5.3 shows the
drawings which included a plan view, typical cross-section view, and details of the
corrugation size.

5.2.4

Bridge Load Rating

The measured corrugation size and plate thickness were compared with standard
corrugation sizes found in AASHTO speciﬁcations. It was found that the measured
corrugation size matched those speciﬁed in standard tables containing the section
properties for diﬀerent corrugation sizes used in standard SSP design. Thus, the
section properties were obtained from the standardized section properties of 6 × 2 in.
corrugations. The mechanical properties of SSP were based on ASTM A761.
The corrugation, i.e., pitch and depth, measured for as-built structures usually
match those found in standardized tables. However, the thickness of the plate might
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N

if
Section A-A

Corrugation Size

Plan view

Fig. 5.3. Drawings of multi-plate arch under ﬁll bridge.

present section loss due to corrosion or loss of coating. For those cases, standardized
section properties tables might not be suitable for obtaining the section properties
of the actual corrugation. Instead, the section properties can be computed using
actual corrugation dimensions. Alternatively, the standardized section properties
that closely matched those measured in the site can be used in conjunction with a
resistance factor to account for section loss when checking the strength limit states.
The provisions found in AASHTO speciﬁcations were used to discern the seam
requirements. SSP pipes are typically designed using four bolts per foot of longitudinal seam [29]. The seam resistance is usually the limiting factor when the depth of
ﬁll is signiﬁcant [29]. For such cases, the standard four bolt per foot of seam may not
be suﬃcient to resist the applied loads. Thus, the designer may consider six or eight
bolts per foot of seam.
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The use of four bolts per foot of seam having

-3
4

in. diameter and meeting ASTM

A449 are typical in SSP design and installation. This four bolt per foot of seam
conﬁguration was observed during the ﬁeld inspection. It was assumed that the
bolts installed on the structure follow typical standards for SSP. Thus, the minimum
requirements of longitudinal seam strength speciﬁed in AASHTO speciﬁcations were
conservatively assumed.
The National Corrugated Steel Pipe Association (NCSPA) [30] addresses the load
rating of corrugated steel structures based on AASHTO SSHB [3] and the LFR
method. The rating is governed by the thrust capacity, which is the lowest between the
wall area, buckling strength, seam resistance, and minimum cover requirements [30].
Yeau [24] recognized that the minimum cover requirements is independent of pipe
material, plate thickness, and loading conditions. Thus, a rating based on minimum
cover requirements does not reﬂect any change in the load rating of the structure
when it has experienced section loss due to corrosion or damage due to loading and
environmental conditions. The minimum soil cover requirements should not be considered as a load rating check, but it does need to be satisﬁed to ensure the structure
stability [24]. Minimum soil cover values based on the critical pressure that will cause
instability in the structure are found in Yeau [24].
Yeau and Sezen [31] proposed a load rating procedure for corrugated metal culverts. The procedure is similar to the one recommended by NCSPA [30] but included
new capacity reduction factors for wall area and seam resistance based upon diﬀerent
appraisals for the wall and seam during annual inspections. Additionally, the eﬀect
of external live load is not included in the proposed load rating procedure for deep
bridge-size culverts and for culverts subjected to low live load stresses [31].
The reduction factors for wall and seam reﬂect the current condition of exiting
ﬂexible structures. The factors are based on a general appraisal number of the inspected condition of the wall area and seam during regular inspections. An appraisal
number N equal to 0 represents the worst damage or failure condition and a value of
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9 indicates the best possible condition [31]. The values of the reduction factors for
seam resistance and wall area can be found in Yeau and Sezen [31].
If a ﬂexible structure experienced permanent deformations during or after construction, the load rating is assigned based upon the change in the culvert deﬂection
rate [31]. This change aﬀects the buckling strength. The deﬂection ratio δ is used to
reduce the buckling strength of the ﬂexible structure when it has vertical deﬂection
or ﬂattening at the crown. However, local buckling and associated deﬂections do not
necessarily occur at the crown [31]. A new factor was introduced to account for local
buckling, which is deﬁned as the ratio of change in top radius.
The proposed new buckling factor by Yeau and Sezen [31] can be calculated using
Equation 5.10,

φbkl =

⎧
⎪
⎪
⎪
1.0
⎪
⎪
⎨

no deﬂection or buckling

0.95 − 5.6δ
⎪
⎪
⎪
⎪
⎪
⎩0.95 − 4.6 m

Rt

deﬂection at the crown

(5.10)

local buckling

where m is the measured ordinate, Rt is the measured top radius of arch, and δ is
the deﬂection ratio.
The load rating of this case study bridge was similar to the one recommended by
NCSPA [30], and Yeau and Sezen [31]. For ﬂexible buried structures the load eﬀect
due to the wearing surface load is usually not signiﬁcant, especially when the depth
of ﬁll is substantial. Additionally, the load rating for standard ﬂexible structures is
controlled by the thrust capacity. The general load rating equation of the LRFR
and LFR methods can then be simpliﬁed into Equation 5.11 and Equation 5.12,
respectively,
RF =

φc φs C − ηEV γEV TEV
ηLL γLL (TLL + IM )

(5.11)

where φc is the condition factor, φs is the system factor, C is the thrust capacity, ηEV
is the load modiﬁer for earth loads, ηLL is the load modiﬁer for live loads, γEV is
the load factor for vertical earth load eﬀect, γLL is the load factor for live load eﬀect,
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TEV is the thrust due to the vertical earth load eﬀect, TLL is the thrust due to the
live load eﬀect, and IM is the dynamic load allowance.
RF =

C − A1 TEV
A2 (TLL + IM )

(5.12)

where C is the thrust capacity, A1 is the load factor for earth load eﬀect, A2 is the
load factor for live load eﬀect, TEV is the thrust due to the vertical earth load eﬀect,
TLL is the thrust due to the live load eﬀect, and IM is the dynamic load allowance.
The load rating calculations were performed based on the LRFR and LFR methods. Table 5.6 shows the load rating results. The results showed that the live load
eﬀect was signiﬁcantly dissipated through the earth ﬁll because the values obtained
for the rating factors were considerably high. The LRFR method resulted in more
conservative ratings than the LFR method.
Table 5.6.
Rating Factors for Bridge 024-52-07579
Method

5.3

Inventory Operating

LRFR

20

26

LFR

24

39

Case Study Bridge 045-28-06236

5.3.1

Bridge Characterization

Shape and Materials
The backﬁll material on buried structures corresponds to the compacted soil placed
during construction around a structural member. The structural member can have
diﬀerent shapes and is mainly made of reinforced concrete (cast-in-place or precast).
Buried structures made of concrete or stone masonry are deﬁned as rigid because
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they are very stiﬀ and do not deﬂect appreciably under external loading. While the
soil-structure interaction is critical to develop the load-carrying capacity of ﬂexible
buried structures, this is not often the case in rigid buried structures. Instead, the
load-carrying capacity is mostly provided by the structural member itself [27].
Types of buried concrete bridges include box, pipe, arch, and frame. Concrete
box structures are one of the most common rigid buried structures used today [27].
They have an integral bottom slab that supports the side walls and top slab forming
a channel opening for the water ﬂow. The box opening is determined by the site
constraints as well as the hydraulic, geotechnical, and structural design criteria. A
multi-cell box can be used to accommodate longer spans. It is important to note
that although a box structure may have multiple barrels, it is still a single structure.
The internal walls are provided to reduce the unsupported length of the top slab.
The primary members of a concrete box bridge are the top slab, bottom slab, and
sidewalls [27]. In cases where there is no bottom slab, the structure is referred to as
a concrete frame bridge.
Concrete pipe structures are commonly made of precast concrete and manufactured in three standard shapes: circular, horizontal elliptical, and vertical elliptical.
The circular shape is the most common shape manufactured for pipe concrete structures. They are hydraulically and structurally eﬃcient under most conditions. Elliptical shapes are used in situations where horizontal or vertical clearance is limited.
When the size of the opening for the water ﬂow is very large, two or more concrete
pipe structures may be used.
A concrete arch bridge has a curved-shape (circular or parabolic) member that
works primarily in compression and does not have a horizontal ﬂoor like a concrete
box. The arch member is supported by abutments or piers. The heels and crown are
the lowest and highest points of the arch, respectively. A horizontal distance between
two heels is the span, and the vertical distance between the heel line and crown is
the rise. A variation of the arch bridge is the tied arch bridge. It is basically the
same as the arch bridge, but it has an integral ﬂoor serving as a tie between the ends
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of the arch [27]. Concrete arch structures are either cast-in-place or precast. The
internal forces resisted by the arch member are the bending moment, shear, and axial
force [32].

Loads
Rigid buried structures are subjected to permanent and transient loads. The
basic permanent loads applied in the design of a rigid structure include dead loads,
vertical and horizontal earth pressure. The dead load includes the structure selfweight, wearing surface loads, and any other additional external dead load. The
vertical earth pressure is produced by the weight of the soil ﬁll. The horizontal earth
pressure is related to the vertical earth pressure by a lateral earth coeﬃcient.
The lateral earth pressure depends upon the movement experienced by the wall on
which the pressure is acting. The lateral earth pressure can be at-rest earth pressure,
active earth pressure, and passive earth pressure. Walls that can tolerate little or no
movement are designed for at-rest earth pressure [2]. Walls which can move away
from the soil mass are designed for pressures between active and at-rest conditions,
depending on the magnitude of the tolerable movements [2]. If the wall moves into
the soil mass, then the soil mass is compressed, which mobilizes its shear strength
and the passive earth pressure develops.
The lateral earth pressure is calculated by Equation 5.13,
p = kγs z

(5.13)

where p is the lateral earth pressure, k is the coeﬃcient of lateral earth pressure (atrest, active, or passive), γs is the unit weight of soil, and z is the depth below the
surface of earth.
The resultant lateral earth load due to the weight of the backﬁll is assumed to
act at a height of

-H
3

above the base of the wall, where H is the total wall height,

measured from the surface of the ground at the back of the wall to the bottom of the
footing [2].
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The coeﬃcient of lateral earth pressure is assumed as ko for walls that do not
deﬂect or move, ka for walls that deﬂect or move suﬃcient to reach minimum active
conditions, or kp for walls the deﬂect or move suﬃciently to reach a passive condition
[2].
Soil backﬁll for these types of buried structures is typically granular material
such as sand, silty sand, sand with gravel, as speciﬁed in AASHTO speciﬁcations.
Therefore, coarse-grained, non-cohesive soils are discussed. However, there are many
textbooks and other publications where this topic is fully discussed.
The coeﬃcient of at-rest lateral earth pressure in granular, normally consolidated
soils is found by Equation 5.14,
ko = 1 − sin φ0f

(5.14)

where φ0f is the eﬀective friction angle of soil and ko is the coeﬃcient of at-rest lateral
earth pressure.
The Rankine and Coulomb earth pressure theories are the most widely accepted
and used for determining the lateral earth pressure. The Rankine theory assumes
there is no friction between the wall and soil, and assumes that the lateral pressure is
limited to vertical walls. The Coulomb theory assumes friction between the wall and
soil, and is not limited to vertical walls. Another diﬀerence between the theories is
that Rankine theory assumes that the lateral resultant force is parallel to the backﬁll
top surface while in the Coulomb theory the resultant force is not necessarily parallel
to the backﬁll top surface because of the soil-wall friction value.
The general expression of the Rankine active and passive lateral earth pressure
coeﬃcient is a function of the eﬀective internal friction angle of soil and slope angle
of backﬁll. The Rankine active and passive lateral earth coeﬃcient for the speciﬁc
condition of a horizontal backﬁll top surface is calculated using Equation 5.15 and
Equation 5.16, respectively,
ka =

1 − sin φ0f
1 + sin φ0f

(5.15)

kp =

1 + sin φ0f
1 − sin φ0f

(5.16)
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The Coulomb active and passive lateral earth coeﬃcient is derived from a more
complicated expression that depends on the eﬀective friction angle of soil, the angle
of the back of the wall, the soil-wall friction value and the slope angle of backﬁll.
The general cases for calculating earth pressure coeﬃcients can be found in published
expressions, tables, and charts for the various conditions such as wall friction and
sloping backﬁll. The lateral earth coeﬃcients can be obtained from published sources
for conditions other than those discussed herein.
The transient loads in rigid buried structures correspond to vehicular traﬃc. Depending on the rating method diﬀerent live load models are applied. The criteria
set forth for the live load models and their distribution through earth ﬁlls is found
in AASHTO speciﬁcations and are the same as those discussed for ﬂexible buried
structures in Section 5.2.1.

Strength Limit States
The general strength limit states for this type of structures are governed by ﬂexure,
shear, thrust, and radial tension, depending on the type of rigid buried structure. For
precast concrete pipes the safety against structural failure is determined by ﬂexure,
thrust, shear, and radial tension. The safety against structural failure for reinforced
concrete cast-in-place or precast box, and reinforced cast-in-place arch is determined
by ﬂexure, axial, and shear.
For a reinforced concrete arch bridge, such as the case study bridge and referred
hereafter as the Doan’s Creek Bridge, that primarily works in axial compression and
is generally subjected to some degree of ﬂexure, the combined action of both forces
may be the controlling strength limit state. An interaction diagram is useful for the
design of compression members subjected to ﬂexure but has theoretical and analytical
limitations in their use for load rating because the value of the capacity of the member
depends upon the unknown load.
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Bridge Characterization Summary
After conducting the bridge characterization it was found that the critical information needed in the bridge load rating process of reinforced concrete arch bridges
with soil cover are geometric data, material properties, among other parameters. A
list of variables containing the critical bridge information is summarized in Table 5.7.

5.3.2

Bridge Database

Past and current historical reports of the Doan’s Creek Bridge were collected. The
goal was to discern if there was any valuable information that could be found in these
reports that could provide insight regarding the variables shown in Table 5.7 or other
relevant information. Routine inspection reports for the years 2008, 2010, 2012, 2014,
and 2016, along with two underwater investigation reports from 1997 and 2003 were
provided by INDOT and examined.
The reports showed that the structure was built in 1942. The underwater inspection reports revealed that the foundation consisted of spread footings with no piles.
The bridge was initially considered as scour critical. Scour countermeasures were installed in 2010 and since then no scour related deﬁciencies have been observed. It was
reported that the headwall of the west span was replaced as part of a rehabilitation
contract. No speciﬁc date was noted for the replacement work and no plans for the
rehabilitation contract were located. The latest inspection report rated the bridge
with a NBI condition rating of 6. No load rating or evaluation was reported by any
of the inspection reports.
As part of the general procedure, INDOT plans for comparable type of structures
were searched using Indiana Bridge Inspection Application System (BIAS). Indiana
BIAS is a software platform used for entering or retrieving bridge inspection related
data. The Indiana bridge inventory, contained in Indiana BIAS, was ﬁltered based
on bridge type and year of construction. The query was performed for state-owned
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Table 5.7.
Earthen-ﬁlled Reinforced Concrete Arch Bridge Variables
Variable Description
A

bh

As

Area of tension reinforcement

A0s

Area of compression reinforcement

Av

Area of transverse reinforcement

b

Width of arch barrel

c.c.

Clear concrete cover

d

Distance from extreme compression ﬁber to centroid of As

d0

Distance from extreme compression ﬁber to centroid of A0s

Ec

Modulus of elasticity of concrete

Es

Modulus of elasticity of reinforcement

f

Rise

fc0

Compressive strength of reinforcement

fy

Yield strength of steel reinforcement

H

Depth of soil cover over crown

h

Thickness of arch

k

Lateral earth coeﬃcient

l

Clear span

s

Spacing of principal reinforcement

sv

Spacing of transverse reinforcement

γc

Unit weight of concrete

γs

Unit weight of backﬁll

φ0f

Eﬀective friction angle of backﬁll
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bridges that ranged from 1940 through 1950. A total of forty-ﬁve bridges matched
the ﬁltered search, however, only twenty-two had comparable plans.
All comparable plans showed one-span arch bridges with clear spans varying from
25 ft. to 40 ft. The rise varied from 7 ft. to 15 ft., and the depth of soil cover, measured
from the crown to the top of the road, varied from 1.3 ft. to 13.3 ft. Additional
information such as arch thickness, longitudinal and transverse reinforcement details,
and concrete clear cover were also examined.
Some of the plans contained design data notes that speciﬁed the unit working
stress of the concrete. These notes also speciﬁed the live load as either H-20 or HS20 truck loading with distribution in accordance with the American Association of
Highway and Oﬃcials (AASHO) Standard Speciﬁcations for Highway Bridges from
1941 [33] or 1944 [34]. A copy of both speciﬁcations were reviewed to supplement
other relevant information pertaining that era. The design philosophy corresponding
to that era was ASD.
The majority of plans showed single arch bridges supported over spread footings
with no piles. The Doan’s Creek Bridge, however, has two arches that coincide. A
search of the Indiana BIAS database uncovered a sheet dated from 1942 with special
detailing provisions for the pier section where two arches coincide. The details were
for diﬀerent clear spans and indicate that spread footings were also used where the
two arches coincide. It was assumed that the Doan’s Creek Bridge pier had a similar
detailing.
The database shown in Table 5.8 was created from the twenty-two comparable
bridge plans. It was found that the arch bridges were constructed having two layers
of primary longitudinal reinforcement (parallel to span) and two layers of secondary
reinforcement (transverse to span). The clear concrete cover was speciﬁed as 2 in.
in all plans and was in accordance with AASHO [33, 34]. AASHO 3.7.7 [33] speciﬁes
that the minimum cover measured from the surface of the concrete to the face of any
reinforcing bar shall not be less than 2 in., except in slabs where the minimum cover
shall be 1 in.
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Table 5.8.
Comparable Bridge Plans Database
l
Bridge Number

Year Built (ft.)

f

H

h

As

(ft.)

(ft.)

(in.)

(in.2 )

040-32-0841

1940

35

8

2.28

8

0.31

009-27-01944

1940

30

10.5

3.95

8

0.31

009-27-01944a

1940

25

8

8.21

8

0.31

001-02-01855 A

1941

25

8

1.33

8

0.31

001-02-01855 Aa

1941

30

10.5

4.62

9

0.31

006-46-03487

1941

30

7

1.67

8

0.31

040-33-01710

1942

30

10.5

5.22

9

0.20

040-89-03642

1946

35

15

13.3

10

0.31

246-11-03661

1946

30

7

3.01

9

0.44

059-61-03707

1947

25

9

4.50

9

0.20

059-61-03707a

1947

30

12

11.0

9

0.20

059-61-03708

1947

25

8

1.33

8

0.31

(231)157-28-03526

1948

35

9

4.83

9

0.20

(231)157-28-03527

1948

30

12

11.2

9

0.20

I65-137-03535 A

1948

30

11

2.75

9

0.31

030-92-03730 A

1948

25

9

7.12

9

0.31

032-29-01282 A

1948

25

8

2.88

8

0.31

032-29-01282 Aa

1948

35

12

3.08

9

0.31

041-26-03153

1948

40

11

3.04

9

0.44

041-84-03522 A

1950

30

9

2.00

8

0.31

150-84-01703

1950

25

9

2.98

9

0.31

071-83-03681

1950

40

15

3.73

10

0.31

a

Diﬀerent bridge plans under same bridge number.
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Transverse steel reinforcement was provided along the arch ring using single leg
stirrups. The spacing of the longitudinal and transverse reinforcement was the same
irrespective of the reinforcement bar size. The spacing of the primary longitudinal
reinforcing steel was 12 in. and the spacing of the secondary and transverse reinforcing
steel was 24 in.
The arch thickness found in the comparable plans varied between 8, 9, and 10
in. The primary longitudinal reinforcement of top and bottom layers were the same
within each bridge and varied between reinforcement bar sizes of #4, #5, and #6
(As = 0.20 in.2 , 0.31 in.2 , and 0.44 in.2 , respectively, where As is the area of tension reinforcement). Both the secondary reinforcement and single leg stirrup had a
rebar designation of #4 for all comparable bridge plans. The database showed that
a thickness of 9 in. constituted about 55% of the comparable bridge plans. A primary reinforcement bar size of #5 was used in 68% of the comparable bridge plan
population.
The bridge database also included information on the ratio of thickness to clear
span h/l, ratio of rise to clear span f /l, and tension steel reinforcement ratio per
linear foot ρ. The ratio of compression steel reinforcement ρ0 was the same as ρ
for each comparable bridge. Table 5.9 shows the non-dimensional parameters of the
bridge database.

5.3.3

Field Survey and Inspection

A ﬁeld survey and inspection (Figure 5.4) were conducted to quantify and supplement the additional information needed to characterize the bridge structure. The
ﬁeld measurements showed that each arch had a clear span of 11.5 ft and a rise of
5.75 ft. These dimensions as well as the ﬁeld observations indicated that both arches
were semi-circular in shape.
The depth of soil cover where the maximum live load is applied needed to be
measured. This location usually corresponds to the center of the roadway above a
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Table 5.9.
Non-Dimensional Parameters of Bridge Database
Bridge Number

h/l

f /l

ρ

040-32-0841

0.019 0.229

0.0045

009-27-01944

0.022 0.350

0.0045

009-27-01944a

0.027 0.320

0.0045

001-02-01855 A

0.027 0.320

0.0045

001-02-01855 Aa

0.025 0.350

0.0039

006-46-03487

0.022 0.233

0.0045

040-33-01710

0.025 0.350

0.0025

040-89-03642

0.024 0.429

0.0034

246-11-03661

0.025 0.233

0.0055

059-61-03707

0.030 0.360

0.0025

059-61-03707a

0.025 0.400

0.0025

059-61-03708

0.027 0.320

0.0045

(231)157-28-03526 0.021 0.257

0.0025

(231)157-28-03527 0.025 0.400

0.0025

I65-137-03535 A

0.025 0.367

0.0039

030-92-03730 A

0.030 0.360

0.0039

032-29-01282 A

0.027 0.320

0.0045

032-29-01282 Aa

0.021 0.343

0.0039

041-26-03153

0.019 0.275

0.0055

041-84-03522 A

0.022 0.300

0.0045

150-84-01703

0.030 0.360

0.0039

071-83-03681

0.021 0.375

0.0034

a

Diﬀerent bridge plans under same bridge number.
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(a) Northeast arch inspection.

(b) Soil cover measurement.

Fig. 5.4. Field measurements of earthen-ﬁlled reinforced concrete arch bridge.

buried structure. Because of the diﬃculty in access to the middle of the lanes due to
traﬃc, the shoulders were used in lieu of the centerline of the roadway. The depth of
soil cover was 3.42 ft at the shoulders on both sides of the road. This measurement
was referenced from the coping to the shoulder of the roadway. The elevation of
the shoulder and coping was measured using a level and level rod. The diﬀerence in
elevation between these two points resulted in the depth of the soil cover. Additional
ﬁeld measurements, such as roadway width, were obtained to complete the geometry
of the Doan’s Creek Bridge.
The arch thickness was not measured because there was no access to the arch ring
since it was contained between the headwalls. Instead, the thickness was estimated
based on the information from the database of comparable bridge plans. The depth
of earth cover over the crown was estimated based on the thickness and measured
depth of soil cover during the ﬁeld survey.
Although it was discerned that the foundation was supported by spread footing
with no piles, ﬁeld measurements of the foundation were not possible due to the
inaccessibility nor did the underwater inspection reports show any dimensions of the
footings.
The ﬁeld inspection did not reveal any new information from what the inspection
reports already noted. Overall, no signs of signiﬁcant distress or deterioration were
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encountered during the ﬁeld inspection. Because of the general good condition of the
structure it was assumed that typical standards for installation and construction of
reinforced cast-in-place arches and backﬁll material followed the AASHTO/AASHO
speciﬁcations.
Drawings of the Doan’s Creek Bridge were created using the information collected
from the bridge database and ﬁeld measurements. The drawings included a plan and
typical cross-section view (Figure 5.5). The reinforcement conﬁguration and arch
thickness were adapted from the database of comparable bridge plans.

5.3.4

Bridge Load Rating

The concrete compressive strength and reinforcing steel yield strength were estimated as 3,000 psi and 33,000 psi, respectively. This estimation was based on the
unit working stress speciﬁed in the design data notes found in the comparable plans
and AASHO [33, 34].
For concrete structures, AASHO 3.4.11 [33] speciﬁes a unit working stress of 1,000
psi for concrete members in compression. This value, also speciﬁed in the design data
notes of comparable plans, was based on the use of concrete having an ultimate
compressive strength at 28 days of 3,000 psi. Thus, it was assumed that the Doan’s
Creek Bridge was designed using a concrete compressive strength of 3,000 psi.
The unit working stress for reinforcing steel is speciﬁed as 18,000 psi as per
AASHO 3.4.12 [33]. Based on AASHO 3.11.7 [33], the unit working stress of steel
reinforcement can be assumed to be 0.545 of the yield point. The rebar yield stress
was then estimated by dividing the unit working stress by 0.545. The computed yield
point of 33,000 psi was in accordance with the MBE 6A.5.2.2 and 6B.5.3.2 [1].
Two cross-sections for a typical earthen-ﬁlled reinforced concrete arch bridge were
idealized based on the information collected from the database of comparable bridge
plans. The ﬁrst cross-section was based on the most common thickness and reinforcing
steel identiﬁed in the database. This doubly reinforced cross-section corresponded to
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the one with a 9 in. arch thickness and #5 primary reinforcement. The second crosssection corresponded to the minimum value of arch thickness and reinforcement, i.e.,
8 in. and #4, respectively. The latter cross-section was conservatively assumed when
conducting the load rating calculations.
The cross-section used for calculating the load ratings had a ratio of tension steel
reinforcement per linear foot of ρ = 0.0029. This value was on the low end of the
ratio of tension steel reinforcement found on the database of similar bridge plans,
where the minimum was ρ = 0.0025. The ratio of compression and tension steel
reinforcement were assumed to be the same, i.e., ρ = ρ0 . This reinforcement detailing
was observed on the 22 comparable plans found on ﬁle in BIAS. Moreover, the ratios
h/l and f /l of the Doan’s Creek Bridge were 0.026 and 0.223, respectively. The value
of h/l was within the ranges of h/l shown in Table 5.9. The value of f /l was less
than the minimum value (f /l = 0.229) found in the bridge database.
The critical bridge information presented in Table 5.7 was obtained from ﬁeld
measurements, inferred from comparable bridge plans, and design codes used at the
original time of construction of the Doan’s Creek Bridge. A structural frame analysis
was used to compute the dead load, earth load, and live load eﬀects on a 1 ft. wide
section of the arch. The dead loads included the distributed self-weight of the arch
and the earth loads were calculated as distributed loads due to the self-weight of the
soil ﬁll. The arch self-weight was based on a concrete unit weight of 150 pcf as per
ASSHO 3.2.2 [33]. The unit weight of soil placed on top of the arch was assumed as
120 pcf as per AASHO 2.1.8 and 2.2 [33]. The vertical earth pressure acting on top
of the structure was computed based on the principles of soil mechanics and obtained
by multiplying the unit weight of soil times the depth of soil cover.
A coeﬃcient of lateral earth pressure of 0.5 was used for the earth lateral pressure
calculation on the assumption that the structure can tolerate little to no movement as
per AASHTO SSHB 5.5.2 [3]. This coeﬃcient was based on an at-rest condition and
an eﬀective friction angle of 30° as per AASHTO SSHB Table 5.5.2B [3]. Equation
5.14 was used to calculate the lateral earth coeﬃcient at-rest condition.
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Live loads were caused by an HS-20 truck driving over the bridge. Seven diﬀerent
live load combinations were produced by moving the truck axles over the length of
the bridge. Each combination was calculated based on the distribution of wheel loads
through earth ﬁlls, i.e., when the depth of ﬁll is 2 ft. or more, concentrated loads are
considered as uniformly distributed over a square with sides equal to 1.75 times the
depth of ﬁll [3]. No impact eﬀects were considered as the impact factor for structures
with ﬁll equal to or greater than 3 ft. is negligible [3].
The Doan’s Creek Bridge was modeled using the commercially available structural
analysis and design software SAP2000 [11]. Each arch was divided into several portions and each curvilinear portion was approximated by a straight member of equal
length. Each arch was modeled using 180 frame elements. The values of axial, shear
and moment for each load case (dead, earth, and live loads) were obtained for each
arch. The section forces acting on each arch member were the same because of the
bridge symmetry.
The boundary condition at the supports was assumed as a two-hinged (pinned)
and hingeless (ﬁxed) arch conﬁguration to determine the maximum demand acting
along the arch. The arch was evaluated for the strength limit states and it was found
that the combined action of axial compression and ﬂexure was the controlling limit
state. An iterative load rating procedure [35] was adopted for the load rating of the
Doan’s Creek Bridge. The iterative load rating used the equations derived by Wang
and Salmon [36] for the tension- and compression-controlled regions of the interaction
diagram. The iterative process to ﬁnd the load rating values along the arch length
assuming a two-hinged and hingeless arch conﬁguration was automated using the
numerical computing software Matlab [37].
The capacity of the arch member depends upon the unknown load (axial compression and bending moment) and so does the rating factor (RF). The solution is
attained when the unknown load in terms of RF is incremented until reaching a point
along the curve of an interaction diagram (Figure 5.6). Each point along the curve of
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an interaction diagram represents a unique value of eccentricity. Thus, an interaction
diagram is constructed by a series of values of eccentricity.

Compression-Controlled

Tension-Controlled
RF,+1 = RF, + t.RF

,,,0
/

RF,=!

G)
I

/

/

Fig. 5.6. Illustrative example of iterative load rating using an interaction diagram.

The automated load rating consisted in incrementing the unknown load in terms of
the RF and computing the eccentricity. The eccentricity was input into the tensionand compression-controlled equations [36] to obtain the member capacity for that
value of eccentricity. The section was compression-controlled for values of axial load
greater than or equal to the balanced load or tension-controlled for values of axial
load less than the balance load. The capacity was compared to the initial unknown
load and the RF was incremented if the diﬀerence between capacity and demand was
positive, i.e., the unknown load was inside the interaction diagram. As the RF was
incremented a new value of axial compression load and bending moment was obtained
along with a new value of eccentricity. Iterations were repeated until the diﬀerence
between capacity and demand was negative, i.e., the unknown load was outside the
interaction diagram. A ﬂowchart of the automated load rating process is illustrated
in Figure 5.7.
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Assume RF = l

Calculate:
Pu = YviPvi + YsviPsvi + (RF)YiiPii
Mu = YviMvi + YsviMsvi + (RF)yLLMLL
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e = eccentlicity
Pb = balanced load
Pvr = axial force effect due to dead load
Pn-compression = compression-controlled axial capacity
Pn-tension = tension-controlled axial capacity
P LL = axial force effect due to live load
P SDL = axial force effect due to supe1imposed load
P 11 = factored axial force
MDL = bending moment effect due to dead load

Mn-compression =
M 11_,e11sion

compression-controlled moment capacity

= tension-controlled moment capacity

MsvL = bending moment effect due superimposed load
RF = rating factor
llRF = rating factor increment
Yvr = load factor for dead load
YsvL = load factor for supe1imposed load
Yu = load factor for live load
<p = reduction factor

Fig. 5.7. Flowchart of iterative load rating process using an interaction diagram.
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The load rating calculation followed the LFR method. The RF was incremented by
0.01 from 1.0 until convergence. The controlling Inventory Rating Factor (IRF) when
assuming a two-hinged arch conﬁguration was 3.27 and was located at the crown.
The controlling IRF when assuming a hingeless arch conﬁguration was 3.72 and was
located at the east end support. The Operating Rating Factor (ORF) was 5.45 and
6.20 for the two-hinged and hingeless arch, respectively. Results were validated by
plotting into the interaction diagram the factored axial compression load and bending
moment using their respective inventory rating factor based on a concrete compressive
strength of 3,000 psi, as depicted in Figure 5.8.
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Fig. 5.8. Arch member interaction diagram.

Although a compressive strength of 3,000 psi was justiﬁed, the load rating was
also investigated assuming a concrete compressive strength of 2,500 psi - the minimum
value per the MBE [1]. This resulted in values of IRF’s of 3.22 and 3.62 for two-hinged
and hingeless arch conﬁguration, respectively.

88
Experimental Load Test
An experimental load test was performed on the Doan’s Creek Bridge to investigate the use of higher levels of evaluation as proposed in the general procedure under
the bridge load rating task. The instrumentation included strain gage installation
along the bottom arch. Concrete strain gages with three pre-attached lead wires were
used for compensation of temperature induced resistance changes in the strain gage
circuit. Shielded wires were used for splicing to minimize noise eﬀects. All gages were
coated to prevent damage form the environment and the lead wires were connected
to a data logger unit to record the strain measurements. The strain gage layout is
shown in Figure 5.9. The gages labeled as S1, S4, S7, S9, and S10 were installed at
the crown’s bottom surface.
Two three-axle dump trucks were used for the experimental load test and are
referred herein as Truck A and Truck B. The weight of Truck A was 60,720 lbf when
fully loaded. The weight of the front axle was 12,080 lbf and the weight of the tandem
axle was 48,640 lbf. The weight of Truck B was 59,300 lbf when ﬁlled with sand. The
weight of the front axle was 11,720 lbf and the weight of the tandem axle was 47,580
lbf. For both trucks, the longitudinal distance between the front and nearest rear axle
was 15 ft. and the distance between the rear axles was 4 ft. 3.5 in. The transverse
spacing measured between the inside edge of the rear axles tire footprint was 4 ft.
The dimension for two (of four) combined tire footprints of the rear axle was 10 in.
and 21.5 in. in the longitudinal and transverse direction, respectively. The trucks
conﬁguration is shown in Figure 5.10.
Diﬀerent load cases were conducted for the experimental load test to measure the
response of the instrumented arch section. The load cases were designed to possibly
record the peak values of strain. The load cases investigated static loading of one
and two trucks placed simultaneously over the bridge, a truck driving at crawl speed
(approximately 5 mph), and a dynamic loading of one truck. Figure 5.11 shows the
two-trucks static loading conducted on the Doan’s Creek Bridge.
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Finite Element Model Description
Buried structures are often designed and analyzed as 2D plane-strain soil-structure
systems. If the live load is actually in the form of a very long surface pressure strip,
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Fig. 5.11. Two-trucks static loading.

then there is no modeling problem involved in a 2D analysis [38]. However, the live
loads are not inﬁnitely long prismatic strips but rather have a ﬁnite wheel width such
as a tire footprint. The tire footprint spreads the load in the in-plane and out-ofplane direction. The 2D analysis allows only for in-plane load spreading, where the
in-plane live load pressure is modeled directly since it can be applied to the soil surface.
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The out-of-plane load spreading cannot be modeled directly in a 2D analysis. As a
consequence, soil stresses are increasingly overestimated as soil depth increases [39].
Thus, additional calculations are required to correct the live load surface pressure.
The most common approach for correcting 2D plane-strain models is the Reduced
Surface-Load (RSL) procedure where the pressure assigned is reduced with a reduction
factor [39]. There is no exact solution for this problem other than performing a 3D
analysis. Thus, to account for both the in-plane and out-of-plane load spreading a
3D FEA was used.
The multi-purpose ﬁnite element package Abaqus [40] was used to develop the
model. The model geometry was based on the drawings created for the Doan’s Creek
Bridge. In addition to the arch section, the extent of the surrounding soil was also
deﬁned. The overall limits of the soil model relative to the structure were H above,
1.5f below, and S on either side of the arch structure [41], where H was the depth of
soil cover, f was the rise of the arch section, and S was the arch span in the direction
perpendicular to the arch longitudinal axis.
The boundary conditions of the model must mimic continuous soil surrounding
the structure. To accomplish this, the top part of the soil medium was free, with a
rectangular tire footprint patch of live load applied. The model bottom was ﬁxed in
the vertical direction and free otherwise. The model ends, where the ends of the arch
were exposed, were ﬁxed in the direction parallel to the arch axis and free otherwise.
The model sides were ﬁxed in the horizontal direction perpendicular to the arch axis
and free otherwise. The boundary condition of the arch ends was ﬁxed in translation
in the direction of the arch axis and ﬁxed in rotation about the vertical and transverse
direction.
Three-dimensional structural elements for buried structures must accommodate
both bending and membrane action [42]. As a result, the arch section was modeled
using linear quadrilateral elements of type S4R (a 4-node doubly curved thin or
thick shell, reduced integration, hourglass control, ﬁnite membrane strains). The soil
medium was modeled using a combination of linear wedge elements of type C3D6
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and linear hexahedral elements of type C3D8R. The 6-node linear triangular prism
(C3D6) was used to model the backﬁll of the sides and above the arch section to
accommodate the complex meshing required in those regions. The 8-node linear
brick, reduced integration, hourglass control (C3D8R) was used to model the soil
below the springline of the arch section.
The interface between the soil and structure was modeled using surface-based tie
constraints. A surface-based tie constraint can be used to make the translational
and rotational motion as well as all other active degrees of freedom equal for a pair
of surfaces. A mesh tie requires the deﬁnition of a master and slave surface. The
soil surface was chosen as the master surface and the arch top surface was chosen
as the slave surface. The nodal displacements of the soil surface were tied to the
nodal displacement of the arch surface. As a result, the soil deforms with the arch
as would be observed in an actual structure. Because of the stiﬀness of rigid buried
structures it was reasonable to assume that the structure would not deﬂect appreciably
and soil displacement therefore will be limited, thus linear elastic behavior could be
assumed [41].
A linear elasticity was utilized to deﬁne the material model of concrete of the
arch section. A concrete compressive strength of 3,000 psi was assumed based on the
information discerned from the survey of comparable bridge plans. For the linear elastic behavior, the modulus of elasticity was calculated in accordance with AASHTO
p(Ec = 33wc1.5 fc0 ) and a Poisson’s ratio of 0.2 was assumed. Uncracked concrete
properties were utilized for the live load distribution through earth ﬁlls analysis because cracking was not expected. This rationale was supported by the relative low
values of strain recorded during the experimental load test.
The modulus of elasticity of the soil should represent the soil conditions above,
beside, and below the structure. Diﬀerent soil layers may be presented and each
diﬀerent soil zone can be modeled to distinguish between native soil and backﬁll soil.
In the absence of a project-speciﬁc subsurface soil proﬁle, homogeneous soil conditions
around the structure may be assumed [41].
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The soil was assumed as a well-graded or gravelly sand at 95% standard compaction (SW95) and well-graded or gravelly sand at 85% standard compaction (SW85).
The linear elastic soil behavior was deﬁned by the modulus of elasticity of the soil
Esoil and the Poisson’s ratio ν. In actual soil these elastic constants vary with soil
stress level. The elastic soil properties were assumed based on the stress level at a
given depth [42]. The soil parameters for SW95 and SW85 are provided in Table 5.10
and Table 5.11, respectively.
The values provided in Table 5.10 and Table 5.11 were estimated for increasing
values of maximum principal stress σ1 (typically vertical stress), with the minimum
principal stress σ3 (typically horizontal stress) equal to one-half to one-times the
maximum principal stress [42]. These tables show values of Esoil that increases with
depth. As the depth increases the conﬁning stress increases resulting in an increase in
the modulus of elasticity. The properties assumed for SW95 and SW85 soil materials
were reported to be somewhat conservative relative to ﬁeld data [42, 43].
Table 5.10.
Linear Elastic Soil Parameters for SW95 [42]
Depth (ft.)

Modulus of Elasticity (psi)

Poisson’s Ratio

0 to 1

1,600

0.40

1 to 5

4,100

0.29

5 to 10

6,000

0.24

10 to 18

8,600

0.23

The soil medium was divided into four layers to input the soil parameters based
on the depth of ﬁll. The ﬁrst soil layer was deﬁned at a depth of 1 ft. referenced
from the top of the soil model. The second soil layer was deﬁned at a depth of 6 ft.
The third soil layer was deﬁned at a depth of 10.8 ft. This depth corresponded to
the location of the springline of the arch section. The fourth layer was deﬁned below
the springline and at a depth of 20 ft. The soil parameters were input for each layer
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Table 5.11.
Linear Elastic Soil Parameters for SW85 [42]
Depth (ft.)

Modulus of Elasticity (psi)

Poisson’s Ratio

0 to 1

1,300

0.26

1 to 6

2,100

0.21

6 to 11

2,600

0.19

11 to 18

3,300

0.19

based on the range of depth each layer had with respect to the depths shown in Table
5.10 and Table 5.11.
A model with an uniform soil material through the depth of ﬁll was also studied.
TXDOT [41] provides values of modulus of elasticity for high, medium, and low
strength soil. These values are representative of Esoil and are reasonable to deﬁne the
elastic linear constitutive model of the soil for culvert rating analyses [41].
A high strength soil is deﬁned as gravels and sand-gravels mixtures relatively free
of ﬁnes [41]. This corresponds to GW, GP, GM, GC, and SW soils classiﬁed by the
USCS. For the model with an uniform soil material along the depth, a high strength
soil with a typical modulus of elasticity of 36,000 psi [41] was assumed to examine
the eﬀect of the modulus of elasticity of the soil material in the live load distribution.
A Poisson’s ratio of 0.30 was assumed for sandy backﬁll soils [41].
The soil parameters to deﬁne the soil medium were the modulus of elasticity and
Poisson’s ratio. Of course, more sophisticated linear and nonlinear soil constitutive
models are available and can be used for specialized applications. The modulus of
elasticity and Poisson’s ratio, however, are suﬃcient for bridge load rating applications
using FEA with linear elastic soil behavior [41].
Models with and without pavement were also examined. The pavement was represented by a single layer of zones with elastic behavior and properties suitable for
concrete and asphalt. The elastic properties of the pavement were deﬁned by the
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modulus of elasticity and Poisson’s ratio. A modulus of elasticity of 5,000 ksi and a
Poisson’s ratio of 0.15 were assumed to deﬁne the concrete pavement layer [44]. A
modulus of elasticity of 500 ksi and a Poisson’s ratio of 0.35 were assumed to deﬁne the asphalt pavement layer [44]. Pavement thickness of 4 in. and 10 in. were
examined.
The mesh optimization was performed by examining diﬀerent sizes of the continuum and shell elements. The controlling strength limit state of earthen-ﬁlled reinforced concrete arch bridges was the combined action of axial compression and ﬂexure.
Thus, the bending moment about the arch longitudinal axis and the axial force in the
direction perpendicular to the arch longitudinal axis were considered as the prime
variables. It was found that an element size of 6 in. for both the solid and shell
elements were good enough to obtain optimum results, i.e., the accuracy of results
did not improve with ﬁner elements and the elements were large enough to reduce
computational time.
The extent of the surrounding soil on either side of the arch sections was also
examined. Four diﬀerent widths on either side of the model were considered and were
deﬁned as 0.25S, 0.50S, 1.0S, and 1.5S, where S was the arch span in the direction
perpendicular to arch longitudinal axis. The limits of the soil model relative to the
structure in the direction perpendicular to the arch longitudinal axis were H above
and 1.5f below, where H was the depth of soil cover and f was the rise of the
arch section. The length of the model (distance in the direction parallel to the arch
longitudinal axis) was assumed as the distance between the headwalls located at the
arch ends.
It was found that the axial compression force along the arch length decreased
while increasing the width on either side of the model. The axial compression force
obtained for a width of 1.0S and 1.5S were about the same. The axial compression
force obtained in the model with a width of 0.5S was similar to that obtained for the
models with a width of 1.0S and 1.5S. The axial compression force along the arch
length between all models was greater in the model with a width of 0.25S.

96
The peak bending moment in the positive and negative moment region increased
while increasing the model width. The bending moment along the arch length was
about the same for the models with a width of 1.0S and 1.5S. The bending moment
along the arch length between all models was smaller in the model with a width of
0.25S. The bending moment in the negative moment region for the model with a
width of 0.5S was the same as that obtained in the models with a width of 1.0S and
1.5S. The bending moment in the positive moment region for the model with 0.5S
fall between that obtained in the other models.
The accuracy of the results converged as the width on either side of the model was
increased. It was found that the results did not improve with widths on either side of
the arch section greater than S. As a result, the width of the model was kept the same
as originally assumed, i.e., a width S on either side of the arch section. The number
of elements in the model with a width of S was less than the model with a width of
1.5S, consequently, the computational time was also reduced. A three-dimensional
view of the FE model is depicted in Figure 5.12.

Fig. 5.12. Finite element model of the Doan’s Creek Bridge.
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Findings
The experimental load test showed that the peak measured strains were located at
the crown and approximately at an arch length that corresponded to an angle of 25°
and 45° measured counterclockwise with respect the east arch springline, respectively.
These locations corresponded to strain gages labeled as S1, S2, and S3, accordingly.
The peak strains recorded during the one-truck static loading were recorded when the
tandem of Truck A bisected the centerline of the south lane in the direction parallel
to traﬃc and bisected the centerline of the east arch in the direction perpendicular
to traﬃc. The peak strains were 4 µε and -5 µε for gages S1 and S2, respectively.
The two-truck loading measured the peak strains when Truck A was positioned at
the same location as in the one-truck test and Truck B was aligned 2 ft. away from
the tandem of Truck A. This distance was measured from the outside edges of the
wheels of both trucks. For this static test the measured values of strain were about
4 µε and -5 µε for gages S1 and S2, respectively.
The crawl test was performed using Truck A driving at crawl speed along the
south lane. The same path and truck were used for the dynamic test. For the crawl
test, the peak values of measured strain were about 6 µε and -5 µε. For the dynamic
test, the peak strains were approximately 8 µε and -5 µε. The strain ﬁeld recorded
during the crawl test was consistent with those measured for the one-truck static
loading. Figure 5.13 shows the measured strains during the crawl and dynamic load
test.
The measured values of strain for the-one truck static loading were compared
with those obtained analytically using a 3D FEA. It was found that the models that
considered four soil layers along the depth predicted values of strain greater than those
measured during the load test. For the models that considered SW95, the predicted
strains were between ﬁve and three times greater. For the models that considered
SW85, the predicted strains were between eight and two times greater. These strain
values, however, were still less than the cracking limit tensile strain of concrete.
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Fig. 5.13. Strains recorded during experimental load test.

The modeling of a pavement layer was considered for the models that used SW95 as
the soil material. Two paved conditions were studied to examine the eﬀect of modeling
the pavement. Both conditions considered a pavement thickness of 4 in. and the onetruck static loading. The ﬁrst condition assumed a rigid pavement and the second
condition assumed a ﬂexible pavement. It was found that the concrete pavement
predicted in average values of strain of 2 µε smaller than the asphalt pavement.
Although both pavement conditions predicted strains that were slightly smaller than
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those predicted in the unpaved condition, the predicted strains for these models were
still much greater than those recorded during the load test.
The one-truck static loading was also studied considering a model with an uniform
soil material along the depth with a high strength soil. For this case, two paved conditions were considered. The ﬁrst paved condition assumed a pavement thickness of
10 in. and concrete properties. The second paved condition also assumed a pavement
thickness of 10 in. but with asphalt properties. During this analysis it was found
that the predicted strains for both paved conditions were similar. The maximum and
minimum values of strain predicted under the asphalt pavement condition were 8 µε
and -9 µε at the locations where the strain measurements were recorded. The values
of strain predicted under the concrete pavement condition was 7 µε and -8 µε. These
predicted values of strain were more consistent with the measured strains than those
predicted by the other analytical models.
Further comparison between the section forces resisted by the arch section was
performed. The section forces were obtained at the location where the section forces
were maximum using the built-in path tool. A user-deﬁned circular path along the
arch section was used to request the magnitudes of axial force, bending moment, and
shear force. Figure 5.14 shows the user-deﬁned circular path along the arch section
for bending moment.

Fig. 5.14. Typical structural model for the arch section.
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The comparison of section forces between the models with SW95 and SW85 soil
material for the-one truck and two-trucks static loading is shown in Figure 5.15. This
comparison showed that the section forces predicted for the 3D FE model with SW85
soil material were slightly higher than those predicted using SW95 soil material.
The arch section strength limit state is controlled by the combined action of axial
compression and ﬂexure. Although the shear force is not presented in Figure 5.15,
the trend was consistent with that observed in the predicted axial force and bending
moment.
The predicted section forces for the models that considered pavement condition
are compared to the unpaved condition as depicted in Figure 5.16. This comparison
was performed under the one-truck static loading and SW95 soil material. It was
found that the section forces predicted for the unpaved and ﬂexible paved condition
were similar. Alternatively, the section forces predicted under the concrete paved
condition were smaller than those predicted by the other models. The shear force is
not presented in Figure 5.16, but the same pattern was observed, i.e., the unpaved
and ﬂexible paved condition were similar to each other and the rigid paved condition
predicted smaller values of shear force.
The comparison between the model that utilized a uniform, high strength soil
(SW-High) and SW95 model is shown in Figure 5.17. This comparison was performed
for the one-truck static loading. For these models a pavement thickness of 10 in.
was studied considering both ﬂexible and rigid materials. It was observed that a
ﬂexible pavement resulted in higher section forces under each soil material. This
paved condition was consistent with that observed in Figure 5.16, i.e., the concrete
paved condition spread the live load more than the ﬂexible paved condition resulting
in smaller section forces being resisted by the arch section.
It was observed, however, that a high strength soil has a signiﬁcant eﬀect in the
axial force along the arch section. It was observed that the axial force decreased
signiﬁcantly at the crown of the arch section when compared to the SW95 models.
This behavior was observed under both paved conditions. It was observed that for
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Fig. 5.15. Predicted section forces on models with four layers of soil.

the SW95 model with a concrete pavement of 10 in. thick produced an axial force at
the crown similar to those obtained from the SW-High models. Instead, the bending
moment resisted by the arch section was, in general, higher for SW95 models than
SW-High models, particularly at the positive moment region.
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Discussion
The analytical results showed that the models that considered a SW85 and SW95
soil material signiﬁcantly over-predicted the strain measurements recorded during the
load test. The lower strain ﬁeld observed during the load test could be attributed to
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Fig. 5.17. Section forces for models with SW95 and SW-High.

the soil stiﬀness being greater than the lower bound soil properties assumed in these
analytical models.
The models that included a pavement layer were studied using the SW95 soil
material. It was found that a rigid pavement had a greater eﬀect on spreading the
load than a ﬂexible pavement. This was expected because the concrete material has
a higher stiﬀness than the asphalt material. However, the predicted strains under
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these analytical models were still greater than those measured during the load test.
This again was attributed to the soil stiﬀness being greater than the lower bound soil
stiﬀness modeled.
The soil stiﬀness was evaluated by considering a uniform high strength soil material surrounding the arch section where the soil properties were assumed based on
TXDOT [41] recommendations. This model also incorporated a pavement layer with
a higher thickness. Results from these analytical models showed that the predicted
strain values were more consistent with those observed during the load test than those
predicted by the lower bound soil properties models.
The analytical results also showed that models with SW85 and SW95 soil materials did not signiﬁcantly aﬀect the section forces being resisted by the concrete arch
member. This behavior was observed for both the one-truck and two-trucks static
loading. However, the predicted section forces when compared to the model with a
uniform high strength soil material were signiﬁcantly aﬀected.
The eﬀect of pavement on the spreading of the live load was also studied. For
these models, two common pavement materials were utilized, i.e., concrete and asphalt
materials. A pavement thickness of 4 in. was assumed for the four-layered soil model
with SW95. The results showed that the predicted section forces decreased when
assuming a concrete pavement. However, the eﬀect of modeling the pavement with
asphalt material did not produce a considerable change on the values of predicted
section forces when compared to the unpaved condition.
Although it was observed that both pavement materials spread the load and
thereby reduced the forces in the concrete arch member, this eﬀect was more pronounced for the concrete paved condition, particular when the thickness was increased. This was observed when the pavement thickness was increased from 4 in.
to 10 in. in the SW95 models. Moreover, the inﬂuence of pavement had a similar
behavior when utilizing a high strength soil and a 10 in. pavement thickness. As a
result, the unpaved condition was more conservative in predicting the section forces
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resisted by the concrete arch member than that of a paved condition, particularly for
the concrete paved condition.
It was also found that a uniform high strength soil material signiﬁcantly aﬀects
the section forces in the arch concrete member. In general, the SW-High models
predicted lower section forces than the SW95 models but signiﬁcantly reduced the
axial force at the crown. The localized reduction in the axial force along the arch
length was not observed in the bending moment resisted by the arch section.
Overall, the unpaved condition and the SW85 soil material predicted higher section forces while the model with uniform high strength soil properties predicted lower
values of section forces. Moreover, it was shown that the unpaved condition is the
controlling case, and predicted the highest section forces. Both the modulus of elasticity of soil and the presence of pavement have an eﬀect on the spreading of live load.
However, the modulus of elasticity of soil has a greater eﬀect on the load distribution
than the pavement. It was also shown that a soil with a higher stiﬀness has a greater
eﬀect in the load spreading than a soil with a lower stiﬀness. The analytical results
also suggest that the Doan’s Creek Bridge has a backﬁll with a high stiﬀness. This
was observed through the comparison of predicted and measured strains. As a result,
it is believed that the model with uniform high strength soil resembles more to the
actual live load distribution of the Doan’s Creek Bridge.
The FEA results were compared to that obtained from the simpliﬁed frame analysis that was used to load rate the Doan’s Creek Bridge. After several loading combinations, it was found that two lanes loaded with both trucks placed directly over
the crown of the arch resulted in higher load eﬀects. As a result, the FE models were
loaded with two HS-20 trucks 4 ft. away from each other - the minimum distance
between trucks as per AASHTO [2, 3]. The unpaved condition was selected for the
comparison because it is the most conservative. The FE analyses were performed for
the SW85, SW95, and uniform soil with high strength properties. The comparison
between the diﬀerent analytical models is presented in Figure 5.18.
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Fig. 5.18. Section forces produced by an HS-20 truck and two lanes loaded.

The frame analysis predicted an axial force at the crown that was greater than
the model that utilized high strength soil properties but comparable to axial forces
predicted by the SW85 and SW95 models [Figure 5.18(a)]. The frame analysis predicted, in general, higher axial compression forces along the arch length. The bending
moment predicted by the frame analysis was greater in the negative moment region
than the other analytical models. However, this was not the case for the positive
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moment region located at the crown. At this location, the frame analysis predicted
a lower positive bending moment than the SW85 and SW95 models but higher than
the uniform soil model.
The uniform high strength soil model was more consistent with the load test measurements than the other FE models and frame model. It is believed that this model
provided a better representation of the bridge response than the other models. As
a result, the load rating of the Doan’s Creek Bridge using the simpliﬁed frame analysis was conservative and also satisfactory. Moreover, in the event that a simpliﬁed
structural evaluation produced ratings lower than unity, the results would be conservative and it is likely that the bridge has some reserved capacity. This studied
showed that FEA along with complementary load test data can beneﬁt when the
ratings produced by a simpliﬁed structural evaluation are low. As a result, it would
be possible to attain higher load ratings using FEA and complementary load testing.
The creep eﬀect need not be considered in calculating load ratings for components
with well-distributed steel reinforcement to control cracking. However, creep eﬀect
may need to be considered in the strength evaluation of long span, framed, and arch
bridges [1]. The creep eﬀects were examined by estimating the creep strain due to
sustained loads. For an applied stress, which does not exceed about 0.5fc0 , the creep
strain that occurs over a given period of time is almost proportional to the applied
stress, as shown in Equation 5.17 [45],
εcreep = Ct

fc
Ec

(5.17)

where εcreep is the creep strain, Ct is the creep coeﬃcient of concrete, fc is the constant
compressive stress, and Ec is the secant modulus of elasticity of the concrete at the
instant of loading. Because of the linearity assumption, the total strain is given by
Equation 5.18,
εtotal =

fc
fc
fc
+ Ct
=
(1 + Ct )
Ec
Ec
Ec

(5.18)
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The recommended creep equation for standard conditions based on ACI Committee 209 [46] was used for the calculation of the creep coeﬃcient Ct (Equation
5.19),
Ct =

t0.60
Cu
10 + t0.60

(5.19)

where t is the time in days after application of load and Cu is the ultimate creep
coeﬃcient. Values of Cu need to be modiﬁed by the correction factors for conditions
other than the standard conditions. This include correction factors for loading age,
ambient relative humidity, average thickness of member, slump of concrete, percent
of ﬁne aggregate, and air content. In the absence of speciﬁc creep data for local
aggregates and conditions, the average value suggested for Cu is 2.35 [46]. As a
result, the estimated creep coeﬃcient for standard conditions was 2.35.
The peak compressive strains due the sustained loads at the extreme top and
bottom ﬁber of the arch section were located at the crown and approximately at an
angle of 30° measured clockwise with respect to the west arch springline, respectively.
The dead load compressive strains were 22 µε at the top ﬁber and 25 µε at the bottom
ﬁber. The creep strain was 52 µε and 60 µε for the top and bottom ﬁber, respectively.
It was noted that the strains at the top and bottom ﬁber of the arch section were
mainly compressive strains along the arch length except at the crown on the bottom
ﬁber of the arch section. Figure 5.19 shows the concrete strains due to sustained
loads along the arch length.
The short-term or instantaneous dead load stresses were calculated assuming the
uncracked transformed section with a modular ratio of n =

Es
.
Ec

The long-term dead

load stresses were calculated using the uncracked transformed section with n =

Es
(1+
Ec

Ct ). The eﬀect of concrete creep on the stresses of the Doan’s Creek Bridge was
examined and it was found that concrete creep under constant axial force and bending
moment resulted in a decrease in the maximum concrete compressive stress and a
slight increase in the maximum concrete tensile stress which was considerably less
than the modulus of rupture of concrete. The top and bottom reinforcement had
compressive stresses under the applied sustained loads and the eﬀect of concrete
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Fig. 5.19. Concrete strains due to sustained loads along west arch member.

creep on the these stresses resulted in an increase of the steel compressive stress. The
steel stresses were considerable less than 0.55fy .
It was found that eﬀect of concrete creep on the stresses of the Doan’s Creek
Bridge was not signiﬁcant. This, however, may not be the case for other arch bridges
with diﬀerent geometries and loading conﬁgurations. It may be possible that earthenﬁlled reinforced concrete arch bridges with longer spans or deeper soil covers or the
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combination of both may warrant the need to consider the eﬀect of concrete creep in
calculating load ratings.
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6. CONCLUSIONS
A general procedure for load rating bridges without plans was developed. The procedure has four critical parts: bridge characterization, bridge database, ﬁeld survey
and inspection, and bridge load rating.
The bridge characterization is the identiﬁcation of the critical bridge information
needed to conduct the load rating and evaluation. These variables include material
strength properties, geometric features, and information required in the calculations
of strength and service limit states. A list of variables required for calculating the
load ratings is created in this ﬁrst part.
The bridge database provides guidelines and recommendations for obtaining the
unknown information discerned from the bridge characterization. The bridge database
also requires to examine past and current historical inspection reports, conduct a survey of comparable bridge plans compiled for similar bridges, and review code standards used at the time of original construction of the bridge.
The ﬁeld survey supplements the unknown bridge information by collecting ﬁeld
measurements. A ﬁeld inspection is also required to account for the current condition
of the structure. Drawings of the structure are then created. These drawings are used
as the layout for the structural modeling to perform the bridge load rating.
The bridge load rating is divided into three bridge evaluation options. The ﬁrst
option is a simpliﬁed structural analysis of the bridge. The second option is a reﬁned
structural analysis, e.g., FEA, and the third option is load testing. Recommendations
and guidelines for each type of bridge evaluation are presented in this study.
The load rating of bridges withouts plans was successfully completed by following
the developed general procedure for the two case study bridges without plans. The
bridges were a buried corrugated steel arch and an earthen-ﬁlled reinforced concrete
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arch. It was found that there are bridges that are inherently more complex to evaluate
in the absence of plans.
The buried corrugated steel arch bridge presented in Section 5.2 did not required
an extensive approach to load rate because the ﬁeld measurements were readily available and the critical bridge information was more accessible for this type of structure.
The arch thickness and reinforcement of the earthen-ﬁlled reinforced concrete arch
bridge (Section 5.3) were not measured. The use of historical bridge data and information obtained from comparable plans of similar bridges was used to estimate these
variables. As a result, the collection of critical bridge information for this structure
was more complex than the corrugated steel arch bridge.
It was found that the earthen-ﬁlled reinforced concrete arch bridge had more
critical unknowns than the corrugated steel arch bridge. As a result, the evaluation
of this structure was more complex. It was also found that the arch thickness and
reinforcement of earthen-ﬁlled reinforced concrete arch bridges cannot be measured
without destructive testing. Instead, they were estimated through the use of historical
data and comparable bridge plans compiled for similar bridges. This could potentially
be the case to any reinforced concrete bridge. It could then be concluded that, in
general, reinforced concrete bridges are probably more troublesome to load rate than
steel bridges when no plans are available. The proposed methodology for load rating
bridges without plans addressed the challenges for this type of structure.
It was concluded through the evaluation of the Doan’s Creek Bridge that FEA
without load-test measurements produced conservative results in the bridge load rating similar to those obtained from simpliﬁed analyses when assuming lower bound
soil material properties. As a result, if simpler analyses produce an operating rating
factor that is greater than unity then there is no need to use FEA or conduct a load
test. If simpliﬁed analyses produced low load ratings then it was concluded that
for bridges without plans a FEA should be conducted to evaluate the structure. A
more sophisticated analysis is justiﬁed to avoid posting on a bridge or to ease ﬂow of
permitted overweight trucks. This evaluation could produce higher load ratings and
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no further action would be needed. If reﬁned structural analyses result in unsatisfactory bridge ratings then a load test should be conducted. This, however, should
be perform for bridges under speciﬁc circumstances where a FEA indicates that the
structure must be load-posted, even when in the judgment of the engineer, load posting is not necessary. As a result, FEA with complementary load testing potentially
becomes a powerful tool for load rating bridges that do not have plans.
The load rating of earthen-ﬁlled reinforced concrete arch bridges was performed
through an iterative load rating procedure using an interaction diagram. This solution is quick and eﬃcient, and it should be adopted to load rate reinforced concrete
members subjected to the combined action of axial compression load and ﬂexure. The
combined action of axial compression and ﬂexure is usually the controlling strength
limit state of earthen-ﬁlled reinforced concrete arch bridges. The shear strength limit
state also needs to be checked.
Finally, it can be concluded that the load rating of bridges without plans can
be conducted using a standardized methodology which involves the identiﬁcation of
critical bridge information, collection of historical and representative bridge data, and
ﬁeld measurements along with complementary structural analysis and load testing.
Moreover, it is important to mention that the proposed general procedure requires
careful engineering judgment since there is a risk involved in the assumptions made on
estimating the critical bridge information obtained from comparable plans for similar
bridges.
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A. DESCRIPTION OF BRIDGES INSPECTED DURING
FIELD ASSESSMENTS
A.1

First Field Assessment

The bridges in Figure A.1, identiﬁed herein by their bridge number, were examined
during the ﬁrst ﬁeld assessment.
I65-200-08009 ADJ. This bridge has four oval-shaped pipes. The bridge is under
a frontage road, therefore, no heavy live loads were observed during the ﬁeld visit.
The diameter size of the pipes is not large enough to have an easy access for sensor
installation. Overall, this bridge was not considered as a suitable candidate if bridge
instrumentation was needed.
I65-200-08007. This bridge is categorized as a MPA-UF. It has four oval-shaped
pipes where the structural length is at least greater or equal than the soil cover (based
upon the observations made at that time). This bridge is not a good candidate to
instrument due to diﬃculties in accessibility to the site.
024-52-07576. This structure, located in Miami County, has three circular-shaped
pipes. It was observed that the pipes were small in diameter, thus, hindering the
instrumentation of the bridge, if needed. In addition, accessibility and availability of
electricity may present an issue when monitoring.
024-52-07577. This MPA-UF structure, also located in Miami County, has three
circular pipes with fairly good accessibility. However, the diameter of the pipes may
not be suitable for instrumentation due to its size, which might diﬃcult its access.
024-52-07579. The last MPA-UF structure that was observed is located on US 24.
The type of road where the bridge is located indicated that heavy live load were
present (some semi-trailer trucks were observed). The bridge was comprised by three
circular pipes with diameters large enough, feature which eases the instrumentation
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of the bridge, if needed. Accessibility to the bridge was not fairly good since it
was delimited by a wire fence. Electricity access points were not readily evidence.
Although this might arise as an issue for long-term monitoring, it would not be a
concern for short-term monitoring as a portable generator could be used as a power
source. Overall, this bridge was considered a suitable candidate for instrumentation,
mainly because of its larger diameter size.
035-09-01948 A. The bridge is located on US 35 in Cass County and is categorized
as a RCA. This was a one-span bridge with two lanes. Form the observations made
during the ﬁled assessment, the bridge, as well as the deck, looked in good shape.
It was observed that the bridge was widened at both sides. It was believed that
precast concrete box beams were used for the widening of this bridge based upon the
observations made. It was discerned from the ﬁeld assessment that accessibility at
the bottom of the bridge was fairly good for instrumentation. However, closing one
lane if load testing was needed might produce traﬃc congestion since the bridge has
only two lanes.
017-09-04177. This four-span arch bridge crosses the Eel River and is located in
Logansport, IN. Upon the arrival to the site, it was noted that the bridge was under
repair. The spandrel walls were removed and the debris were laid on the side of
the bridge. The steel reinforcement was exposed on the debris of the spandrel walls.
Although the bridge was originally classiﬁed as RCA, upon the inspection it was
observed that the structure was an earthen-ﬁlled arch bridge, since the soil ﬁll was
exposed upon the removal of the spandrel walls. It was also noted that one of the piers
was heavily deteriorated. Upon conversations held with personnel of the construction
ﬁrm responsible for the maintenance activities, it was communicated that the repair
activities started June 2 and expected to ﬁnish by Thanksgiving of 2014. Based on
the observations made during the ﬁeld assessment, it was concluded that this bridge
could be a suitable candidate for instrumentation and monitoring since one of the
spans was immediately located above ground, making it relatively convenient for
sensor installation.
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025-09-03841. This RCA structure crosses the Harvey Creek and is located on
SR 25. It is a one-span arch bridge and accessibility underneath the bridge was
inconvenient, deeming this bridge not suitable for instrumentation.

A.2

Second Field Assessment

The bridges in Figure A.2, identiﬁed herein by their bridge number, were examined
during the second ﬁeld assessment.
150-84-02520 A. This RCA-UF bridge is located in Vigo County. It was noticed
during the ﬁeld assessment that this bridge carries a railroad line. It seemed that
the railroad line was still active. This bridge was immediately discarded as a suitable
candidate since it is a railroad bridge instead of a traﬃc bridge.
046-84-06241. This two-span RCA-UF bridge is also located in Vigo County and
caries SR 46. Access to underneath the bridge was inconvenient due to the dense
vegetation surrounding the area. Although appropriate accessibility is ideal when
instrumenting a bridge, this was not the case here. However, this could be solved
by clearing some of the vegetation found near the bridge. In addition, the elevation
between the arch bottom surface and ground level was estimated to be less than 7
ft., which potentially made it a suitable candidate for sensor installation because of
of the easy reach to the bottom surface of the structure.
045-28-06236. This structure crosses a branch of the Doans Creek and it is a twospan RCA-UF. The bridge looked in good shape based on the observations made
during the ﬁeld assessment. Accumulation of sediment was noted in one of the arch
openings where little to none water ﬂow was present. It was noted that there had
been signs of replacement of the headwall on one of the two spans of the arch bridge.
The access to this bridge was highly favorable for instrumentation and the location of
a power supply for electricity was encountered which could be used for monitoring, if
required. However, the distance to the site is relatively far from the West Lafayette
campus.
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(a) I66-200-08009 ADJ.

(b) I65-200-08007.

(c) 024-52-07576.

(d) 024-52-07577.

(e) 024-52-07579.

(f) 035-09-01948 A.

(g) 017-09-04177 B.

(h) 025-09-03841.

Fig. A.1. Bridges visited during ﬁrst ﬁeld assessment.
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046-53-08789 WBL. This bridge is a two-span RCB-UF. It looked in fairly good
condition and it was noted that one of the box openings had little to none water
ﬂow. The box opening with no water ﬂow was accessed and its inside appeared to be
segmentally constructed. It was observed that pipes were present that run through the
outside wall of the box. Overall, this bridge was considered as a potential candidate.
231-67-07504. This MPA-UF bridge was located in US 231 in Putnam County.
The bridge was observed from above the road since access to its bottom was diﬃcult
due to the considerable height of soil cover on top of the structure. Although the
bridge seemed to be comprised of two corrugated circular pipes with large diameters
that could potentially beneﬁt sensor installation, the signiﬁcant height of soil cover
deemed this bridge unsuitable as a candidate. Live load eﬀects due to a load test, if
required, would likely be negligible due to the dissipation of the load eﬀects through
the considerable height of ﬁll.
000-49-07961. This bridge is located in Indiana State Fairgrounds and it is a onespan arch bridge. The bridge looked in good condition and carries a horse race
track. It was unknown whether this bridge had carried traﬃc before. This bridge
would probably be easy to instrument because it is readily accessible and electricity
is available at the site. However, permission to Indiana State Fairgrounds authorities
may be needed for sensor installation activities and load testing.
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(a) 150-84-02520 A.

(b) 046-84-06241.

(c) 045-28-06236.

(d) 046-53-08789 WBL.

(e) 231-67-07504.

(f) P000-49-07961.

Fig. A.2. Bridges visited during second ﬁeld assessment.
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B. APPROXIMATE FORMULAS FOR COMPRESSIONAND TENSION-CONTROLLED REGIONS OF AN
INTERACTION DIAGRAM
B.1

Notation

Ag

bh

As

area of tension reinforcement

A0s

area of compression reinforcement

b

width of compression face of member

d

distance from extreme compression ﬁber to centroid of tension reinforcement

d0

distance from extreme compression ﬁber to centroid of compression reinforcement

e

eccentricity of axial load from centroid of concrete member

e0

eccentricity of axial load from tension steel = e +

fc0

compressive strength of concrete

fy

yield strength of reinforcement

h

overall thickness of member

m

fy
0.85fc0

γ

d−d0
h

ξ

d
h

ρ

tension steel reinforcement ratio =

ρ0

compression steel reinforcement ratio =

ρg

2A0s
Ag

As
bd
A0s
bd

h−2d0
2
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B.2

Strength in Compression-Controlled Region - Rectangular Sections

The following expression is the Whitney formula for symmetrical steel placed in
single layers with no correction for concrete displaced by compression steel.
Pn−compression =

bhfc0
+
3he
+
1.18
2
d

A0s fy
e
+ 0.5
d−d0

(B.1)

The above expression can be written in terms of dimensionless ratios by letting
Ag = bh, ξ = d/h, A0s = As (for symmetrical reinforcement), ρg = 2A0s /Ag , and
γ = (d − d0 )/h.
⎡

Pn−compression = Ag ⎣    
3
ξ2

B.3

⎤

fc0

e
h

+ 1.18

ρg f y
+   
2
γ

e
h

+1

(B.2)

⎦

Strength in Tension-Controlled Region - Rectangular Sections

The following expression is the tension-controlled case for rectangular sections.
(


e0
0
0
Pn−tension = 0.85fc bd ρ (m − 1) − ρm + 1 −
d
s
 0 

)
2
0
e0
d
e
+
1−
+2
(ρm − ρ0 m + ρ0 ) + ρ0 (m − 1) 1 −
d
d
d
(B.3)
For cases where the tension and compression faces are reinforced the same , Equation B.3 reduces to Equation B.4.
s
(



2
)
0
e
e0
d0
e0
0
1−
+ 2ρ (m − 1) 1 −
+
Pn−tension = 0.85fc bd −ρ + 1 − +
d
d
d
d
(B.4)
When no compression reinforcement is present, Equation B.4 may be simpliﬁed
by making ρ0 = 0.
"

Pn−tension

e0
= 0.85fc0 bd −ρm + 1 − +
d

s

e0
1−
d

2

2e0 ρm
+
d

#
(B.5)
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C. NUMERICAL LOAD RATING INPUT FOR MATLAB
1

%% I n t r o d u c t i o n

2

% The Matlab code p r e s e n t e d h e r e i n i s f o r th e Doan ’ s Creek
Bridge .

3

% The c a l c u l a t i o n s a r e f o r i l l u s t r a t i o n purpose o n l y .

4

% A two−span frame a n a l y s i s o f a one f o o t s e c t i o n o f th e arch
was d e v e l o p e d u s i n g SAP2000 . The model c o n s i d e r e d a two−
hinged ( pinned ) and h i n g e l e s s ( f i x e d ) arch c o n f i g u r a t i o n
t o e s t i m a t e t he maximum demand . Each arch was d i v i d e d i n t o
s e v e r a l p o r t i o n s (180 segments ) and each c u r v i l i n e a r
p o r t i o n was approximated by a s t r a i g h t member o f e q u a l
length .

5

% The i n t e r n a l f o r c e s , i . e . , moment , a x i a l , and s hear , were
i d e n t i c a l f o r t he two spans b e c a u s e o f th e b r i d g e symmetry
. Thus , t h e i n t e r n a l f o r c e s f o r one span a l o n g t h e arch
were used t o s i m p l i f y th e l o a d r a t i n g c a l c u l a t i o n s . The
i n t e r n a l f o r c e s have u n i t s o f [ Force / Length ] .

6

% The r a t i n g f a c t o r was computed f o r t h e combined a c t i o n o f
a x i a l c o m p r e s s i o n and f l e x u r e , which was t h e c o n t r o l l i n g
s t r e n g t h l i m i t s t a t e . The i n t e r n a l f o r c e s were l o a d e d i n t o
t he Matlab code .

7

% SAP2000 u s e s t he f o l l o w i n g s i g n c o n v e n t i o n :

8

% Axial :

9

% Moment : (−) t e n s i o n on o u t e r f i b e r ( e x t r a d o s )

10

%

(−) c o m p r e s s i o n

(+) t e n s i o n

(+) t e n s i o n on i n n e r f i b e r ( i n t r a d o s )
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11

12

clear ; clc , close a l l ;
%% P l o t p r o p e r t i e s

13

LineWidth = 1 ;

14

MarkerSize = 8 ;

15

Location = ’ best ’ ;

16

Orientation = ’ v e r t i c a l ’ ;

17

%% L o c a t i o n and i n t e r n a l f o r c e s i n p u t

18

% L o c a t i o n o f i n t e r n a l f o r c e s a l o n g a rch ( a n g l e i n d e g r e e s ) .

19

% The v a l u e s f o r t h i s v a r i a b l e need t o be c o n v e r t e d i n t o a
mat f i l e and l o a d e d i n t o Matlab u s i n g t h e l o a d command .

20

load thetadeg ;

21

%%

22

% I n t e r n a l f o r c e s f o r two−hinged and h i n g e l e s s arc h
c o n f i g u r a t i o n ( from SAP2000 )

23

% The v a l u e s f o r t h i s v a r i a b l e need t o be c o n v e r t e d i n t o a
mat f i l e and l o a d e d i n t o Matlab u s i n g t h e l o a d command .

24

% This v a r i a b l e c o n t a i n s th e f o l l o w i n g v a r i a b l e s f o r both
arch c o n f i g u r a t i o n s ( two−hinged and h i n g e l e s s ) :

25

% Axial Self Weight

26

% Axial Earth Load

27

% Axial Live Load

28

% Moment Self Weight

29

% Moment Earth Load

30

% Moment Live Load

31

% Shear Self Weight

32

% Shea r Ea rth Lo ad

33

% Shear Live Load

34

35

l o a d InternalForces TwoHinged Fixed TwoSpan ;
%% Compute u l t i m a t e l o a d s
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36

% Load f a c t o r s based on Load F a c t o r Design (LFD) (AASHTO SSHB
3 . 2 2 . 1 , 2002)

37

gamma D = 1 . 3 ;

% Load f a c t o r f o r dead l o a d

38

gamma E = 1 . 9 5 ;

% Load f a c t o r f o r e a r t h l o a d

39

gamma L = 2 . 1 7 ;

% Load f a c t o r f o r l i v e l o a d

40

%%

41

% U l t i m a t e l o a d s f o r two−hinged and h i n g e l e s s arc h
configuration

42

Pult = gamma D* A x i a l S e l f W e i g h t+gamma E* A x i a l E a r t h L o a d . . .
+gamma L* A x i a l L i v e L o a d ;

43

44

% Axial load ( l b f / f t )

Mult = gamma D* Moment Self Weight+gamma E* Moment Earth Load
...
+gamma L* Moment Live Load ;

45

46

% Bending Moment ( l b f −i n / f t )

Vult = gamma D* S h e a r S e l f W e i g h t+gamma E* Sh ear Ea rth Lo ad . . .
+gamma L* S h e a r L i v e L o a d ;

47

48

%%

49

% Plot ultimate loads

% Shear Force ( l b f / f t )

50

figure (1)

51

subplot (311)

52

p l o t ( thetadeg , Pult ( : , 1 ) /1 0 00 , ’−k ’ , th etadeg , Pult ( : , 2 ) / 1 0 0 0 , . . .

53

% Axia l o a d ( k i p / f t )

’−−k ’ , ’ LineWidth ’ , LineWidth )

54

x l a b e l ( ’ $\ t h e t a \quad ( deg ) $ ’ , ’ I n t e r p r e t e r ’ , ’ l a t e x ’ )

55

y l a b e l ( ’ $P u \quad ( k i p / f t ) $ ’ , ’ I n t e r p r e t e r ’ , ’ Latex ’ )

56

l e g e n d ( ’Two−Hinged Arch ’ , ’ H i n g e l e s s Arch ’ , ’ L o c a t i o n ’ , Location
,...

57

’ Orientation ’ , Orientation )

58

59

subplot (312)

% Bending moment ( kip−f t / f t )
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60

p l o t ( thetadeg , Mult ( : , 1 ) / ( 1 2 * 1 0 0 0 ) , ’−k ’ , t hetadeg , Mult ( : , 2 )
/(12*1000) , . . .
’−−k ’ , ’ LineWidth ’ , LineWidth )

61

62

x l a b e l ( ’ $\ t h e t a \quad ( deg ) $ ’ , ’ I n t e r p r e t e r ’ , ’ l a t e x ’ )

63

y l a b e l ( ’ $M u \quad ( kip−f t / f t ) $ ’ , ’ I n t e r p r e t e r ’ , ’ Latex ’ )

64

l e g e n d ( ’Two−Hinged Arch ’ , ’ H i n g e l e s s Arch ’ , ’ L o c a t i o n ’ , Location
,...
’ Orientation ’ , Orientation )

65

66

67

subplot (313)

% Shear f o r c e ( k i p / f t )

68

p l o t ( thetadeg , Vult ( : , 1 ) / 10 00 , ’−k ’ , th etadeg , Vult ( : , 2 ) / 1 0 0 0 , . . .
’−−k ’ , ’ LineWidth ’ , LineWidth )

69

70

x l a b e l ( ’ $\ t h e t a \quad ( deg ) $ ’ , ’ I n t e r p r e t e r ’ , ’ l a t e x ’ )

71

y l a b e l ( ’ $V u \quad ( k i p / f t ) $ ’ , ’ I n t e r p r e t e r ’ , ’ Latex ’ )

72

l e g e n d ( ’Two−Hinged Arch ’ , ’ H i n g e l e s s Arch ’ , ’ L o c a t i o n ’ , Location
,...
’ Orientation ’ , Orientation )

73

74

75

%% P r e a l l o c a t i o n f o r each i n d i v i d u a l i n t e r n a l f o r c e

76

% Input Boundary C o n d i t i o n (BC)

77

BC = 1 ;

78

% Modify BC t o add i n p u t argument : Enter 1 f o r Two−Hinged o r
2 f o r H i n g e l e s s a rch c o n f i g u r a t i o n

79

%%

80

% A x i a l Loads ( l b f / f t )

81

Tc = z e r o s ( l e n g t h ( t h e t a d e g ) , 1 ) ;

% Dead l o a d

82

TE = z e r o s ( l e n g t h ( t h e t a d e g ) , 1 ) ;

% Earth l o a d

83

TL = z e r o s ( l e n g t h ( t h e t a d e g ) , 1 ) ;

% Live load

84

%%
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85

% Bending Moment ( l b f −i n / f t )

86

Mc = z e r o s ( l e n g t h ( t h e t a d e g ) , 1 ) ;

% Dead l o a d

87

ME = z e r o s ( l e n g t h ( t h e t a d e g ) , 1 ) ;

% Earth l o a d

88

ML = z e r o s ( l e n g t h ( t h e t a d e g ) , 1 ) ;

% Live load

89

%%

90

% Shear f o r c e ( l b f / f t )

91

Sc = z e r o s ( l e n g t h ( t h e t a d e g ) , 1 ) ;

% Dead l o a d

92

SE = z e r o s ( l e n g t h ( t h e t a d e g ) , 1 ) ;

% Earth l o a d

93

SL = z e r o s ( l e n g t h ( t h e t a d e g ) , 1 ) ;

% Live load

94

%%

95

% Allocation of internal forces

96

f o r j = 1: length ( thetadeg )

97

Tc ( j ) = A x i a l S e l f W e i g h t ( j ,BC) ;

98

TE( j ) = A x i a l E a r t h L o a d ( j ,BC) ;

99

TL( j ) = A x i a l L i v e L o a d ( j ,BC) ;

100

101

Mc( j ) = Moment Self Weight ( j ,BC) ;

102

ME( j ) = Moment Earth Load ( j ,BC) ;

103

ML( j ) = Moment Live Load ( j ,BC) ;

104

105

Sc ( j ) = S h e a r S e l f W e i g h t ( j ,BC) ;

106

SE( j ) = S hea r Ea rth Lo ad ( j ,BC) ;

107

SL ( j ) = S h e a r L i v e L o a d ( j ,BC) ;

108

end

109

%% Input Parameters

110

% Arch member p a r a m e t e r s

111

fc = 3000;

% Compressive s t r e n g t h ( p s i )

112

fy = 33000;

% Yield strength ( psi )

113

d = 5.75;

% D i s t a n c e from extreme c o m p r e s s i o n f i b e r t o
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% centroid of tension r e i n f . ( in )

114

115

d1 = 2 . 2 5 ;

% D i s t a n c e from extreme c o m p r e s s i o n f i b e r t o
% centroid of compression r e i n f . ( in )

116

117

b = 12;

% Width o f c o m p r e s s i o n f a c e o f member ( i n )

118

As = 0 . 2 0 ;

% Area o f t e n s i o n r e i n f . ( i n ˆ 2 )

119

As1 = 0 . 2 0 ;

% Area o f c o m p r e s s i o n r e i n f . ( i n ˆ 2)

120

Ast = As+As1 ;

% Total a r e a o f r e i n f . ( i n ˆ2 )

121

h = 8;

% T h i c k n e s s o f member ( i n )

122

d2 = d−h / 2 ;

% D i s t a n c e from n e u t r a l a x i s t o c e n t r o i d o f
% tension r e i n f . ( in )

123

124

Ag = b*h ;

% Gross a r e a o f member ( i n ˆ 2)

125

Es = 2 9 0 0 0 ;

% S t e e l e l a s t i c modulus ( k s i )

126

wc = 0 . 1 5 ;

% Unit weight o f c o n c r e t e ( k c f )

127

Ec = 33000*wc ˆ 1 . 5 * s q r t ( f c /1000) ;

% Conc . E l a s t i c Modulus (

ksi )
128

%%

129

% V a r i a b l e s used f o r compression − and t e n s i o n −c o n t r o l l e d
approximate

130

131

% formulas
x i = d/h ;

132

gamma = ( d−d1 ) /h ;

133

pg = 2* As1/Ag ;

134

p = As / ( b*d ) ;

135

p1 = As1 / ( b*d ) ;

136

m = fy /(0.85* fc ) ;

137

%%

138

% Load f a c t o r s based on Load F a c t o r Rating (LFR) method

139

D = 1.30;

% dead l o a d f a c t o r

140

E = 1.95;

% earth load f a c t o r
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141

L in = 2 . 1 7 ;

% l i v e load f a c t o r ( Inventory )

142

L op = 1 . 3 ;

% l i v e l o a d f a c t o r ( Operating )

143

%% C a l c u l a t e d Parameters

144

% Beta1 f a c t o r

145

i f f c <= 4000
beta1 = 0 . 8 5 ;

146

147

elseif

beta1 = 0 . 8 5 − 0 . 0 5 * ( f c −4000) / 1 0 0 0 ;

148

149

else
beta1 = 0 . 6 5 ;

150

151

f c > 4000 && f c < 8000

end

152

%%

153

% Balanced s t r a i n c o n d i t i o n (AASHTO SSHB 8 . 1 6 . 4 . 2 . 3 , 2002)

154

ab = 87000/(87000+ f y ) * beta1 *d ;

155

f s 1 = min (87000*(1 −( d1/d ) *(87000+ f y ) /87000) , f y ) ;

156

Pb = 0 . 8 5 * f c *b*ab+As1* f s 1 −As* f y ;

157

Mb = 0 . 8 5 * f c *b*ab * ( d−d2−ab / 2)+As1* f s 1 * ( d−d1−d2 )+As* f y *d2 ;

158

%%

159

% Nominal c o n c e n t r i c a x i a l −l o a d c a p a c i t y (AASHTO SSHB
8 . 1 6 . 4 . 2 . 1 , 2002)

160

Po = 0 . 8 5 * f c * (Ag−Ast )+f y * Ast ;

161

%% Numerical l o a d r a t i n g c a l c u l a t i o n s

162

% P r e a l l o c a t i o n o f Rating F a c t o r s ( RFs )

% ( lbf / ft )

163

RFs in = z e r o s ( l e n g t h ( t h e t a d e g ) , 1 ) ;

164

RFs op = z e r o s ( l e n g t h ( t h e t a d e g ) , 1 ) ;

165

%%

166

% Calculations

167

168

f o r i = 1: length ( thetadeg )
% I n i t i a l Assumptions
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169

RF = 1 ;

170

Punb = 1 ;

171

172

% Iterations

173

i i = 1;

174

w h i l e Punb > 1e−3

175

% F ac to r ed l o a d s

176

% Note : The s i g n c o n v e n t i o n f o r a x i a l c o m p r e s s i o n

177

% l o a d i s t y p i c a l l y assumed n e g a t i v e (−) . This s i g n
convention ,

178

% however , i s assumed p o s t i v e (+) f o r l o a d r a t i n g
p u r p o s e s when

179

% u s i n g t he i n t e r a c t i o n diagram , i . e . : (+)
compression

(−) t e n s i o n

180

Pu = abs (D*Tc ( i )+E*TE( i )+RF* L i n *TL( i ) ) ;

181

% The a x i a l f o r c e a l o n g th e arch member i s a

% ( lbf/ ft )

compression f o r c e .
182

% T h e r e f o r e , t he a b s o l u t e v a l u e i s used t o have (+)
compression

183

Mu = abs (D*Mc( i )+E*ME( i )+RF* L i n *ML( i ) ) ;

% ( l b f −i n /

ft )
184

e = Mu/Pu ;

% eccentricty

( in )
185

186

% Compression−c o n t r o l l e d

187

% Nominal a x i a l s t r e n t h ( l b f / f t )

188

189

190

Pn compression = Ag* ( f c / ( ( 3 / x i ˆ 2) * ( e /h ) +1.18) . . .
+pg* f y / ( ( 2 /gamma) * ( e /h ) +1) ) ;
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191

192

% Nominal bending moment s t r e n g t h ( l b f −i n / f t )
Mn compression = Pn compression * e ;

193

194

195

196

197

198

% Tension−c o n t r o l l e d
e1 = e+(h−2*d1 ) / 2 ;
% Nominal a x i a l s t r e n t h ( l b f / f t )
P n t e n s i o n = 0 . 8 5 * f c *b*d*(−p1+1−e1 /d+s q r t ((1 − e1 /d )
ˆ2+...
2*p * ( (m−1)*(1−d1/d )+e1 /d ) ) ) ;

199

200

201

% Nominal bending moment s t r e n g t h ( l b f −i n / f t )
Mn tension = P n t e n s i o n * e ;

202

203

204

% Nominal s t r e n g t h
i f ( Pn compression >= Pb) && ( P n t e n s i o n < Pb)

205

Pn = Pn compression ;

% units ( lbf / ft )

206

Mn = Mn compression ;

% u n i t s ( l b f −i n / f t )

208

Pn = P n t e n s i o n ;

% units ( lbf / ft )

209

Mn = Mn tension ;

% u n i t s ( l b f −i n / f t )

207

210

else

end

211

212

213

% Reduction f a c t o r s (AASHTO SSHB 8 . 1 6 . 1 . 2 . 2 , 2002)
phif = 0.90;

% s t r e n g t h −r e d u c t i o n f a c t o r f o r

flexure
214

phic = 0 . 7 0 ;

% s t r e n g t h −r e d u c t i o n f a c t o r f o r

compression
215

% 0 . 7 0 f o r a x i a l c o m p r e s s i o n with
spirals
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% 0 . 7 5 f o r a x i a l c o m p r e s s i o n with

216

ties
217

Plim = 0 . 1 0 * f c *Ag ;

% Nominal a x i a l s t r e n g t h i n

t r a n s i t i o n zone
% ( lbf / ft )

218

219

220

i f Pn <= Plim
p hi = p h i f ;

221

222

e l s e i f (Pn > Plim ) && (Pn <= Pb)
p hi = p h i c + ( p h i f −p h i c ) * (Pb−Pn) / (Pb−Plim ) ;

223

224

else
p hi = p h i c ;

225

226

end

227

228

% Design a x i a l l o a d s t r e n g t h (AASHTO SSHB 8 . 1 6 . 4 . 1 . 2 ,
2002) ( l b f / f t )

229

% In a c c o r d a n c e with SSHB 8 . 1 6 . 4 . 1 . 2 th e f a c t o r e d
a x i a l l o a d Pu

230

231

% s h a l l not e x c e e d t h e d e s i g n a x i a l l o a d s t r e n g t h
alpha = 0 . 8 0 ;

232

% alpha : 0 . 8 5 f o r members with s p i r a l r e i n f o r c e m e n t

233

% alpha : 0 . 8 0 f o r members with t i e r e i n f o r c e m e n t

234

Pdesign = alpha *Po ;

235

i f Pn > Pdesign
Pn = Pdesign ;

236

237

end

238

239

% Unbalanced a x i a l l o a d

240

Punb = p hi *Pn−Pu ;
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241

i f Punb >= 0

242

243

RFnew = RF+ 0 . 0 1 ;

244

RF = RFnew ;
else

245

RF = ( p hi *Pn−D* abs ( Tc ( i ) )−E* abs (TE( i ) ) ) / ( L i n * abs

246

(TL( i ) ) ) ;
break

247

end

248

i i = i i +1;

249

end

250

251

252

RFs in ( i ) = RF;

253

RFs op ( i ) = RF* L i n / L op ;

254

end

255

%%

256

% U l t i m a t e l o a d s with c a l c u l a t e d r a t i n g f a c t o r s a t i n v e n t o r y
level

257

P u l t i m a t e = abs ( (D. * Tc+E. *TE+RFs in . * L i n . *TL) ) ;

% ( lbf / ft

)
258

Multimate = abs ( (D. *Mc+E. *ME+RFs in . * L i n . *ML) ) ;
/ft )

259

%% R e s u l t s

260

d i s p ( ’Minimum Rating F a c t o r ( I n v e n t o r y L e v e l ) = ’ ) ;

261

d i s p ( min ( RFs in ) )

262

263

d i s p ( ’Minimum Rating F a c t o r ( Operating L e v e l ) = ’ ) ;

264

d i s p ( min ( RFs op ) )

265

% ( l b f −i n
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266

d i s p ( ’ L o c a t i o n o f minimum RF a l o n g arch , a n g l e i n d e g r e e s = ’ )

267

l o c i n = ( f i n d ( RFs in == min ( RFs in ) ) ) ;

268

disp ( thetadeg ( l o c i n ) )
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D. FLOWCHARTS
The ﬂowcharts presented herein summarize the general procedure for load rating
diﬀerent type of bridges without plans.
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Examine historical inspection reports

Create bridge database of comparable plans

From historical inspection reports,
standards, and bridge database estimate:
• Steel plate yield strength
• Steel plate tensile strength

Conduct field survey and inspection

•
Yes
•

Determine number of bolts
per unit foot of seam
Determine bolt type and
diameter

Field measurements:
• Corrugation size, i.e., pitch and
depth
• Plate thickness
• Vertical and horizontal diameter if
round pipe
• Span and rise if pipe-arch
• Depth of soil cover

Yes

Conduct bridge load rating

Fig. D.1. Flowchart for corrugated steel pipe and pipe-arch bridges with soil cover.
Note: This ﬂowchart is also applicable to corrugated steel pipe and pipe-arch bridges
without soil cover. For this instance, the measurement of soil cover is obviated.
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Examine historical inspection reports

Create bridge database of comparable plans

From historical inspection reports,
standards, and bridge database estimate:
• Arch thickness
• Tension and compression
reinforcement (amount and spacing)
• Concrete clear cover
• Concrete compressive strength
• Reinforcing steel yield strength

Conduct field survey and inspection

Field measurements:
• Clear span
• Rise
• Shape of arch (circular or parabolic)
• Depth of soil cover

Yes

Conduct bridge load rating

Fig. D.2. Flowchart for reinforced concrete arch bridges with soil cover.
Note: This ﬂowchart is also applicable to reinforced concrete arch bridges without
soil cover. For this instance, the measurement of soil cover is obviated.
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Examine historical inspection reports

Create bridge database of comparable plans

From historical inspection reports,
standards, and bridge database estimate:
• Tension and compression
reinforcement ( amount and spacing)
for top slab, bottom slab, exterior
wall, and interior wall
• Concrete clear cover
• Concrete compressive strength
• Reinforcing steel yield strength

Conduct field survey and inspection

Field measurements:
• Clear span
• Clear height
• Top slab thickness
• Bottom slab thickness
• Exterior wall thickness
• Interior wall thickness
• Top haunch dimension
• Bottom haunch dimension
• Depth of soil cover

Yes

Conduct bridge load rating

Fig. D.3. Flowchart for reinforced concrete box bridges with soil cover.
Note: This ﬂowchart is also applicable to reinforced concrete box bridges without
soil cover. For this instance, the measurement of soil cover is obviated.
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Examine historical inspection reports

Create bridge database of comparable plans

From historical inspection reports,
standards, and bridge database estimate:
• Tension and compression
reinforcement ( amount and spacing)
• Concrete clear cover
• Concrete compressive strength
• Reinforcing steel yield strength

Conduct field survey and inspection

Field measurements:
• Clear span
• Slab thickness
• Depth of soil cover

Yes

Conduct bridge load rating

Fig. D.4. Flowchart for reinforced concrete slab bridges with soil cover.
Note: This ﬂowchart is also applicable to reinforced concrete slab bridges without
soil cover. For this instance, the measurement of soil cover is obviated.

